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Executive Summary

Highway bridges are some of the most common and frequently used structures in today’s
built environment, but they are also some of the most heavily demanded. Decades of heavy traffic
loading and harsh environmental conditions cause concrete bridge decks to degrade over time,
requiring them to be repaired or replaced. Additionally, ever increasing traffic demands mean that
aging infrastructure needs to be updated and expanded, all while minimizing the disruption to road
users. For this reason, staged construction, where traffic is maintained on the bridge while it is
constructed in phases, is often turned to for bridge replacements, rehabilitations, and widenings.

Certain concerns exist, however, with the use of staged construction. When cast-in-place
concrete decks are used with staged construction, the concrete deck must cure while subjected to
loads and displacements caused by the adjacent traffic using the same structure. There is concern
that as the concrete hardens and turns from a fluid to a solid, traffic-induced displacements and
vibrations may affect its bond with the embedded reinforcement and the durability of the
longitudinal joint. This research focused on evaluating the integrity and performance of
longitudinal construction joints in highway bridge decks that are subjected to traffic-induced
differential deflections during curing.

This research included a survey of regional transportation officials, in which common
practices, procedures, and concerns were examined. The survey showed that staged construction
is often preferred by various stakeholders, but no consistent measures are taken to limit damage to
curing bridge decks and longitudinal construction joints often do not perform adequately. Visual
inspections of several Wisconsin highway bridges were also performed, with a majority showing
only minor signs of distress, which may or may not be attributed to the staged construction process.

Some minor defects were seen, such as underconsolidated concrete in the construction joint region

il



and leakage through the joint itself. Eight structurally “identical” haunched slab bridges showed
severe deterioration at the construction joints, but it was not possible to determine the cause of the
damage through visual inspection.

Differential displacements due to live traffic were measured in two prestressed concrete
girder bridges during staged construction. The resulting maximum differential deflections were
almost always less than 0.030 in. and, on average, between 0.015 in. and 0.020 in. These two
bridges were structurally similar and of comparable main span lengths, so it was reasonable that
the magnitudes of differential deflections were also similar.

Finite element analyses were performed for the same two bridges that were instrumented
during construction to see if differential deflections could be accurately estimated. A truck loading
was selected that would produce an upper-bound estimate of differential deflections, which was
approximately 0.065 in. for both bridges. For comparison, a third model was created for a longer-
span steel plate girder bridge that carried more traffic lanes during construction. In this case, larger
differential deflections were predicted, up to 0.35 in., but it was shown that reducing the number
of loaded traffic lanes would reduce this considerably.

Laboratory tests were also conducted to evaluate the effect of traffic-induced vibrations on
the performance of longitudinal joints of bridge decks constructed in stages. Two concrete bridge
deck test specimens were constructed using a simulated staged bridge construction process. The
two specimens were subjected to different magnitudes of differential deflections during curing,
after which they were subjected to an ultimate flexural strength test. Strain data from the
reinforcing bars spliced at the construction joint showed that the concrete-bar bond was adequate
to develop the yield strength of the reinforcement, even when the specimen was subjected to

exceptionally large differential displacements during curing. Testing also showed that under
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bending there was a tendency for rotations to be localized at the ends of the lap splice, which could
potentially cause long-term durability issues.

Finally, tests were conducted to evaluate the effect on joint leakage of treating the side
surface of the first-stage deck with a concrete retarder. Four pairs of joints were tested, two with
and two without surface treatment. After application of the concrete retarder to the first-stage
concrete, high-pressure water was applied to the joint surface to remove surface paste and expose
the course aggregate. Under the application of a water head over a 6-in. diameter area, joint leakage
was evaluated and compared through the change in water head over time. The results from these
tests were inconclusive with regard to the ability of joint surface treatment to reduce leakage
through the joint. However, only one out of four specimens without joint treatment could hold the
water head (i.e., water in other three specimens ran through the joint in a matter of seconds), while
three out of four specimens with joint treatment held the water over time, suggesting that the
applied surface treatment does have potential to reduce water leakage or, at least, it would not be

detrimental to the performance of the joint.
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Chapter 1: Introduction
1.1 Background

Highway bridge decks, due to the nature of their function and environment, often
experience considerable degradation over time. Substantial cracking and in some cases spalling of
deck concrete is expected after several years of repeated dynamic impact loading from large
vehicles and heavy traffic. Further, bridges in cold climates are exposed to freeze-thaw cycles,
road salts and deicing chemicals, which often leads to corrosion of steel reinforcement and
deterioration of expansion joints, among other issues. This means that concrete bridge decks will
often need to be repaired or replaced during the lifetime of the bridge, resulting in severe disruption
to traffic in the area.

When substantial repairs to a bridge must be made, there are few options for
accommodating the bridge traffic. Detours that take the traffic away from the bridge route are
costly to commuters in the form of longer travel times, and undesirable to residents who would
experience large traffic volumes being diverted through their communities. When an adjacent
bridge exists or a temporary one can be constructed, another option is to detour traffic within the
right-of-way, such as with a temporary median crossover. This is also sometimes undesirable as
number of lanes and lane widths may have to be reduced on the adjacent bridge, which may cause
backups in both traffic directions as well as additional safety concerns. Median crossovers are also
expensive due to the extra pavement and lane markings that must be made through the median and
additional concrete barriers that are required to separate traffic directions, which can significantly
increase the project cost (Manning 1981). A third option is to use staged construction, where a
portion of the existing bridge is left open to traffic while the closed portion is repaired or replaced.

This eliminates the need to detour the traffic off the bridge, and only requires a reduction in the



number and/or width of traffic lanes. In addition to a bridge or deck replacement, staged
construction can also be utilized for a bridge widening, where traffic remains on the existing bridge
while the widened portion is constructed, or in new construction where there is a need to open the
route to traffic as soon as possible. By eliminating the need for expensive and dangerous detours,
staged construction is the most advantageous solution in certain situations.

A primary concern that has been raised in using staged construction is how traffic-induced
deflections and vibrations can affect the integrity of the longitudinal construction joints between
the portions of the bridge deck. In this scenario, the side of the bridge deck that is open to traffic
experiences deflections due to the traffic live and dead loads. When the adjacent side of the
concrete bridge deck has been cast and is curing, it is primarily subjected only to dead loads.
Therefore, the curing portion of the deck must harden in place and join up to the existing deck
while it is experiencing these traffic-induced differential deflections. Another method of
construction involves casting each portion of the deck in stages and leaving a gap in between to
isolate the curing deck from traffic-induced deflections, and then once the deck concrete has gained
sufficient strength, joining them together using a closure pour or closure strip. Concern over
whether traffic-induced deflections will affect the bond between the steel reinforcing bars and
concrete or the concrete itself in the deck side constructed last has warranted several research
studies on the subject in the past few decades. In Wisconsin and other regions with harsh
environments, minimizing cracking, longitudinal joint deterioration, and spalling of concrete in
bridge decks that may occur due to staged construction is of the utmost importance in improving

the durability and long-term performance of highway bridges.



1.2 Scope of Project

This research concerns the integrity and performance of longitudinal joints in bridge decks
constructed in stages, where deflections induced by traffic on the first stage deck occur during
curing of the concrete on the second stage. Specific topics include evaluating current design and
construction practices, assessing the condition of existing staged construction bridge decks, field
measuring and estimating magnitudes of differential deflections in the region adjacent to the
longitudinal joint, and evaluating the effect of traffic-induced deflections on longitudinal joint
behavior through large-scale laboratory tests.

Many bridge construction projects discussed throughout this report were completed in
several stages. These stages can include lane closures in preparation for bridge reconstruction,
removal of a portion of the existing bridge, and construction of a portion of the new bridge. These
stage numbers do not always correspond across projects, so discussions included herein are
simplified to just include Stage 1 and Stage 2 construction. Throughout this report, Stage 1 refers
to the construction of the first portion of the new bridge deck, including all secondary processes
that are necessary to complete this task (i.e. closing traffic lanes, removal of existing bridge
segments, placing new girders, etc.). Stage 2 refers to the construction of the second portion of the
new bridge deck, including all the secondary processes require to complete this task. While it is
possible to construct a bridge in more than two stages, this was not the case for any projects
examined as part of this research.

1.3 Research Objectives

The primary objectives of this study are:

I.  To evaluate the current state of bridge decks in the State of Wisconsin that were

either constructed or repaired using a staged construction process



II.  To evaluate the performance of various longitudinal joint designs applicable to
bridge decks constructed in stages
III.  To evaluate the bond between steel reinforcing bars and surrounding concrete when
cured under traffic-induced deflections
IV.  To evaluate changes in joint leakage with the application of a concrete retarder on
the longitudinal joint
V.  To develop recommendations for the design and construction of staged concrete
bridge decks
1.4 Research Approach
To complete the research objectives, investigative, analytical, and experimental studies
were conducted to evaluate the performance of longitudinal joints in concrete bridge decks
constructed in stages. Five main tasks were identified to enable the comprehensive evaluation of
staged bridge construction practices.
Task 1: Review of Regional Practices Regarding Staged Deck Construction
Staged bridge construction practices of Wisconsin and other regional state departments of
transportation (DOT) were surveyed in the form of an online questionnaire. The survey was also
extended to bridge inspectors and engineers at private firms that have experience designing bridges
using staged construction. Consideration was given to imposed traffic limitations and detailing of
longitudinal construction joints. A review of specifications and policies from the respective DOTs
was also performed.
Task 2: Evaluation of Existing Staged Bridge Decks
Construction and design practices of staged bridge decks were further evaluated by

investigating the condition of existing bridges that were constructed in stages. By working with



the Project Oversight Committee and utilizing the Wisconsin Highway Structures Information
System (HIS), several staged bridge decks were identified for field inspection. Particular interest
was given to bridges where previous inspections had noted issues in the longitudinal construction
joint regions. The condition of the existing bridge decks was evaluated based on crack distribution
and severity, concrete spalling, and delamination. Trends relating deck condition to design and
construction practices were discerned, identifying the practices that resulted in the best deck
performance.

Task 3: Field Monitoring of New Longitudinal Joint Construction

To quantify the magnitudes of displacements imposed by traffic during staged bridge
construction in the area adjacent to the longitudinal joint, an instrumentation setup was designed
to be placed on bridges under construction, immediately after casting of the Stage 2 concrete deck.
Working with the Project Oversight Committee, two highway bridges were identified as candidates
for field monitoring of displacements during their construction in the summer of 2016. The main
parameter of interest was the differential deflection between adjacent girders on either side of the
longitudinal staged construction joint. The magnitude of the differential deflections across the
construction joint were calculated for each traffic event and used to validate the finite element
models in Task 4 and the displacement protocol for the laboratory testing in Task 5.

Task 4: Determination of Loading History Using Numerical Analysis

Three-dimensional finite element models of entire bridge superstructures were created to
further investigate the live load deflections in bridges during staged construction. ABAQUS was
used for all finite element modeling. Models were created for the two bridges that were
instrumented in Task 3, and finite element results were compared with the field measurements to

validate the accuracy of the model. After verifying that the modeling techniques used for these two



bridges were appropriate, a model was created for another existing bridge constructed in stages
with a different main span length and girder configuration. The models were created with separate
parts for each constructed stage of the concrete deck. This allowed the modulus of elasticity of the
newer deck segment to be varied to represent the increase in stiffness as the concrete cures and the
associated change in deflections to be calculated. The results from these analyses served as an
estimation of the expected magnitudes of differential deflections, and along with results from Task
3, were used to determine the displacement history for the laboratory tests.

Task 5: Experimental Study of Longitudinal Joints

Lastly, large-scale laboratory specimens were fabricated and tested in the University of
Wisconsin Structures and Materials Testing Laboratory. The specimens were constructed using a
simulated staged construction process to investigate the effect live traffic deflections applied
during concrete curing have on the integrity of the longitudinal construction joint and the bond
between concrete and steel reinforcement over the reinforcement splice region adjacent to the
longitudinal joint. Each specimen consisted of two segments. The first, Stage 1 segment, was cast
and cured without being subjected to any movements. After the concrete had attained the design
compressive strength of 4000 psi, the Stage 1 segment was connected to a hydraulic actuator used
to later apply the simulated traffic displacements. The formwork was then placed for the Stage 2
segment, the segment was cast, and the test was initiated. Cyclic displacements were applied for
12 hours as Stage 2 cured. All reinforcing and formwork details were chosen to represent as close
as possible what was seen in actual staged construction projects. After the Stage 2 segment reached
design strength, the formwork was removed and the entire specimen was placed in the loading

frame for an ultimate strength test of the longitudinal construction joint. Reinforcing bars in the



construction joint region were instrumented over the splice length to evaluate bond stresses
developed during testing.

Tests were also conducted on joint specimens to evaluate the effect on joint leakage of
treating the side surface of the first-stage deck with a concrete retarder. Four pairs of joints were
tested, two with and two without surface treatment. After application of the concrete retarder to
the first-stage concrete, high-pressure water was applied to the joint surface in order to remove
surface paste and expose the course aggregate. Under the application of a water head over a 6 in.
diameter area, joint leakage was evaluated and compared through the change in water head over

time.



Chapter 2: Literature Review

To further understand the complexities and concerns associated with staged construction,
a review of previous work relevant to the topic was conducted. Past studies vary in research
methods used and conclusions drawn. These studies include literature reviews, agency surveys,
field inspections, in-place monitoring, analytical modeling, and small- and large-scale laboratory
testing. The research performed for this study incorporated these methods, and the review of
previous research has been subdivided into these categories accordingly. Many of the included
studies incorporate more than one of these methods, and are therefore discussed in multiple
sections.

Conclusions from previous studies vary. In rare cases, defects in bridge decks due to the
use of a staged construction process were identified, but the majority of inspected bridges showed
no signs of premature deterioration. Some reports stated that traffic-induced vibrations and
deflections have little impact on the integrity of the concrete-rebar bond, while others observed
considerable reductions in bond strength between steel and concrete if subjected to relative
displacements during curing. Additionally, experiments have shown that relative deflections
during curing can lead to cracking and loss of integrity of concrete in the construction joint region.
Therefore, it is still not fully understood and there is currently no consensus on how staged
construction might impact the long-term performance of a concrete bridge deck.

2.1  Surveys of Transportation Officials

A synthesis report conducted by Manning (1981) and published by The National
Cooperative Highway Research Program (NCHRP) provided background into the constructability
and performance issues associated with staged bridge construction, detailing how it is beneficial

in certain aspects and risky in others. As part of the synthesis, a nationwide survey of transportation



officials was conducted to examine the various traffic control policies in place for bridge deck
repairs, replacements, and widenings. The survey showed that it was common for traffic to
continue using bridge structures during concrete repair operations. Of the 45 respondents, only
two (Hawaii and South Dakota) indicated that they did not allow traffic to continue using a bridge
during full-depth deck repairs or widenings. A majority of those states that did allow traffic to
continue using the bridge, however, indicated that they placed some limitations on the traffic
during concrete placement and curing.

Issa (1999) performed a study with the objective of determining the causes of early-age
cracking in concrete bridge decks. This research also included a similar nationwide survey. The
survey was sent to 59 transportation agencies around the United States and focused on bridge
traffic regulations during concrete placement and common defects found in these bridges. Again,
nearly all agencies said they allowed traffic to continue to use bridges during full-depth deck
replacements and overlays, and about half indicated that they enforced some restrictions on traffic
during bridge deck construction. Common defects and their causes were also surveyed. The most
common defect was transverse cracking usually attributed to thermal changes, environmental
conditions, curing procedures, and traffic-induced vibrations.

From these surveys, bridge designers were concerned that relative deflections during
staged construction may impact the integrity of a curing bridge deck, and most believed some basic
measures are needed to prevent this. These were most often in the form of reduced speed limits,
lane restrictions, and lower weight limits. Interestingly, Manning (1981) concludes that the most
effective way to reduce live traffic effects is to maintain a smooth riding surface leading up to and

on the bridge to reduce vibration amplitudes, while speed and weight limits only have a secondary
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effect. Maintaining a smooth roadway was not mentioned by any respondents from either survey,
suggesting that this may be often overlooked as an essential precautionary measure.
2.2 Field Inspections

In the previously mentioned NCHRP synthesis report (Manning 1981), also examined were
cases of several staged bridge construction projects in Michigan, Missouri, California, New Jersey,
Texas, Georgia, Massachusetts, and Pennsylvania where live traffic was present during concrete
bridge deck curing. Of these, only two documented cases of defects due to traffic-induced
vibrations were reported (in Michigan and Texas), and are discussed in further detail below. On
reviewing the various condition assessments, the vast majority of bridges showed no adverse
effects from maintaining traffic, and that certain precautions can be taken that minimize the
possibility of any defects while still allowing traffic on the bridge during construction. The
recommendations believed to have the largest impact include using high quality, well-proportioned
concrete for the bridge deck, moving traffic and/or heavy trucks into lanes away from the fresh
concrete when possible, and maintaining a smooth riding surface. Additionally, it was also
recommended to always provide moment continuity and securely tie lapped bars between stages
to prevent differential movement, as well as using closure pours to isolate bridge widenings from
traffic during construction. By adhering to these practices, it was concluded that traffic-induced
vibrations and deflections will have no meaningful impact on the long-term performance of staged
concrete bridge decks.

Defects, however, were reported on the aforementioned bridges in Michigan in Oehler &
Cudney (1966). Various bridges widened while open to traffic during the 1965 construction season
showed abnormal defects in the bridge deck. The bridges showed a rippling effect on the deck

surface, with troughs directly over transverse reinforcing bars and crests between bars. The
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amplitude of these ripples was measured to be as large as 7/32 in., which occurred in the main span
of the I-75 bridge over Rouge River. Additionally, surface cracking was observed directly over the
transverse reinforcing bars in many bridges with deck ripples. These cracks allowed deicing salts
pooling in the troughs to infiltrate the concrete and corrode the steel reinforcement, which
eventually led to excessive spalling of the top concrete cover. It was initially hypothesized that the
finishing machine or concrete slump was to blame; however, no correlation was determined
between the finishing method or concrete slump and the presence of deck ripples. Ultimately, these
issues were concluded to be a result of differential movements of the curing deck due to live traffic
combined with excessive water in the concrete mix and not enough clear cover between the
reinforcing bars and the deck surface. It was recommended to reduce water in the concrete mix
and increase cover over steel reinforcing bars, especially in lap splice regions. It was also suggested
that traffic control measures be taken to limit the severity of traffic-induced displacements during
bridge deck curing (Arnold 1966). No similar defects have been reported since this study, so the
recommendations seem to have been effective.

A study sponsored by the Texas Department of Transportation and performed at Texas
A&M (Furr and Fouad, 1981) involved the visual inspection of 30 bridges of various ages, span
lengths, girder types, and construction joint details. Four different longitudinal construction joint
details, shown in Figure 2.1, were observed during these inspections. The detail shown in Figure
2.1(a) was only observed in one bridge and was the only connection type shown to not perform
well. Differential deflections between the two sides of the joint caused cracking and spalling of
concrete around the joint, and thus this detail was avoided in the future. No bridges using the other
three details showed defects that could definitively be attributed to traffic-induced deflections and

vibrations during staged construction.
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Figure 2.1- Longitudinal construction joint details encountered in Furr and Fouad (1981)
(Adapted from Furr and Fouad 1981)
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Furr and Fouad (1981) sampled a total of 109 core specimens from nine bridges in areas
that were disturbed by traffic vibrations, such as near midspan, and in areas that were undisturbed,
such as near the supports. The cores were analyzed for defects using visual inspection, ultrasonic
pulse velocity tests, dye tests, and strength tests. Fifty eight percent of the cores from the
undisturbed areas and 47% of the cores from the disturbed areas showed random cracking,
suggesting that random cracking is not caused by traffic disturbance during concrete curing.
Eighteen percent of the cores showed wider cracks, either longitudinal, transverse or diagonal,
which were most likely flexural or shrinkage cracks and not attributed to traffic vibrations or
displacements during curing. One core did show signs of a deteriorated bond between concrete
and steel bars due to a specific reinforcement detail. In this case, transverse bars from the existing

deck were bent 90 degrees into the new work, and voids were discovered around this bar in the
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core. Details of this type of connection can be seen in Figure 2.2. Based on these findings, the
researchers recommended extending reinforcement straight from the existing portion of the deck

24 bar diameters, and lapping them at least 20 bar diameters.
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Figure 2.2 - 90-Degree Dowel Bar Reinforcing Detail (Adapted from Furr and Fouad 1981)

A research project conducted by the Georgia Department of Transportation (Deaver 1982)
focused on understanding the effects live traffic displacements have on the bond of reinforcement
in closure pours. Visual inspections of 23 previously widened bridges in Georgia mainly noted
type and severity of cracking or defects. Of these, fourteen bridges showed no significant defects,
and seven bridges showed minor, randomly distributed transverse cracking. Only two bridges
showed continuous transverse cracking in the closure pour region, but these cracks were all
considered minor and did not extend into the adjacent deck pours or vice-versa. From these
inspections, it was concluded that no defects could be attributed to maintaining traffic during

construction, either with a closure pour or without.



14

In a case study performed in Ohio (Montero 1980), the widening of the 1-71 WB bridge
over Morse — Sinclair Road in Columbus, Ohio, was visually inspected and monitored throughout
construction. This bridge is a four-span continuous concrete slab superstructure, with two 38-ft
end spans and the two 47.5-ft interior spans. The bridge was carrying three traffic lanes and was
widened by one more lane. The longitudinal construction joint detail consisted of straight spliced
reinforcing bars and a roughened edge of the existing deck. After curing of the widened portion,
transverse cracks were noted in the middle of the main spans and longitudinal cracks over the piers
and falsework supports. However, none of these cracks were directly attributed to traffic-induced
deflections in the curing concrete, and were more likely due to shrinkage and inadequate concrete
cover to the steel reinforcement. It was concluded that the major issue with maintaining traffic
during bridge widenings is the possible degradation of concrete in the longitudinal joint region. It
was also recommended to place shrinkage and temperature steel over the main reinforcement in
the deck to help reduce shrinkage and reflective cracking, and thus improve durability of the deck.

Most of the field inspections previously conducted noted no major defects directly
attributed to traffic-induced displacements during concrete deck curing. The few defects that were
identified (deck rippling in Michigan and voids around 90-degree bent dowel bars in Texas) were
determined to be avoidable by making slight changes to the design and construction procedures.
Except for the previously mentioned cases, inspections noted no visual signs of a deteriorated bond
between reinforcement and concrete, or deterioration of the concrete itself in the longitudinal joint
region. This suggests that if any damage does occur from this practice, it is minor and does not

affect the overall performance of the bridge.
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2.3 Field Monitoring of Staged Construction Deflections

As part of the research performed at Texas A&M University (Furr and Fouad 1981), nine
bridges were instrumented during and after concrete placement to quantify any relative deflections
between girders adjacent to longitudinal construction joints. Deflections were measured by
attaching linear potentiometers to the bridge girders at midspan and measuring the absolute
deflections from traffic events. From this, the natural frequency of the structures, transverse deck
curvatures and relative deflections were determined. The measurements were taken for random
traffic that occurred during the construction of the bridges and vehicle weights were unknown. The
findings related to relative deflections are summarized in Table 2.1.

In addition to the visual inspections, the Georgia DOT project (Deaver 1982) also included
field monitoring of bridges under construction. Two bridges undergoing widenings were
instrumented using linear potentiometers to obtain the absolute and relative deflections of the
girders. Both bridges incorporated an isolated widening which was then connected to the existing
bridge using a closure pour. The measurements were taken for random traffic events and vehicle
weights were not available. These relative deflections are also included in Table 2.1.

According to the results from these two studies, the magnitudes of relative deflections
between girders adjacent to longitudinal construction joints are very small, with a maximum
recorded differential deflection of 0.12 in. There seems to be no correlation between the bridge
girder type, span length or girder spacing and the magnitude of relative deflections. Major
contributing factors to relative deflection magnitudes are the transverse stiffness of the bridge
provided by diaphragms and braces, and the lane configuration. For example, relative deflections

would be expected to decrease as the transverse stiffness increases, and would be expected to
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increase as the live traffic load is distributed more to the girder in the existing deck and closest to

the construction joint.

Table 2.1 Differential deflections from previous research

. . Max
Reference Bridge (fl!rdzr Le:ptzl“nn( ) s S;F:el;ft) Differential
yp g pacing Deflections (in)
6 ft — 6 in.
Deaver (1982) S Cont. Steel 80 to 0.010
SR 139 g
7 ft— 0 in.
o 5ft—3in
Deaver (1982) Ol DIXIERA g g g 70 to 0.012
/SR 3 i
6 ft — 0 in.
8 ft— 1.5 in.
i (T;% f)ouad 1-35/Ave. D Cont. Steel 60 to 0.032
8 ft—4in.
6 ft—7.5 in.
Furr(alr;c;g f)ouad 1-35/ Iﬁ;l“ &SF Cont. Steel 70 to 0.041
8 ft—1.51n.
6 ft — 0 in.
Furr (Té% f)ouad 1-45/FM 517 Cont. Steel 54 to 0.120
8 ft— 6 in.
5ft—7in.
MR s v T o
: 6 ft— 5 in.
Us 75/ 5 ft—5in.
Creek SB ont. Stee 8 ft—9 in.
Furr and Fouad U.S 3/ S.S. PC and Sft=3in.
(1981) White Rock 0 ¢ steel 20 © 0058
Creek NB ont. Stee 8 ft—9 in.
6 ft — 3 in.
Furfgf;% IF)OHad USSAILeOn 0 H. Steel 67.5 to 0.058
6 ft — 8 in.
Texas 183 /
Trinity River o

2.4 Analytical Modeling
An analytical study performed at the University of Maryland (Fu, Zhao, Ye, and Zhang
2015) focused on studying live load deflections in steel girder bridges, particularly those

constructed in stages using closure strips. Three different software packages (DASH, CsiBridge
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and DESCUS-I) were used to model existing bridges and estimate live loads deflections. One
bridge was selected for further study of relative deflections during construction stages. This bridge
is a three-span continuous steel girder bridge constructed using a closure pour between stages.
CsiBridge was used to estimate the relative deflections between girders adjacent to the closure
strip. When diaphragms across the closure strip were connected, the differential deflection was
calculated to be 0.07 in. compared with 0.12 in. when not connected.

In this study, it was found that it is possible to accurately calculate deflections of steel
girder bridges being constructed in stages using two-dimensional grid models and three-
dimensional finite element models. By accurately calculating the magnitudes of relative
deflections that can be expected in closure strip regions, it was concluded that measures can be
taken to prevent excessive relative deflections. The recommendations made included not
connecting diaphragms/cross-frames across a closure strip until right before casting of the closure
strip, properly cambering steel beams, and waiting at least 30 days between casting of a new deck
and placement of an adjacent closure pour to reduce the effects of concrete creep and shrinkage.

2.5 Laboratory Experiments

For the final research task performed at Texas A&M University (Furr and Fouad 1981),
five laboratory test beams representative of a bridge deck were fabricated and subjected to
simulated traffic-induced deflections from the time of casting up to an age of 24 hours. Test beams
were 10-ft - 8.5-in. long, 12-in. wide, 7-in. deep, and mounted on flexible supports. In these tests,
deflection cycles were applied directly to the dowel bars at one end of the specimen using a
hydraulic actuator. The magnitude of these deflections was either 0.25 in. or 0.15 in., applied in a
half sine wave over one second, with one test superimposing a 0.020-in. amplitude vibration at 6

Hz.
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As expected, curvatures were found to depend on the age of the concrete and the magnitude
of the displacements. Crack patterns and widths were measured for all specimens, and the most
serious cracking was seen in the specimen subjected to 0.25-in. displacements and the
superimposed vibration. The superimposed vibration was shown to have no detrimental effect on
the bond between reinforcement and concrete, because the forms, concrete, and steel were all
vibrating in unison. Furthermore, deflections measured between concrete, forms, and reinforcing
bars were undetectably small. Cores were then taken from the specimens to determine severity of
cracking and concrete-steel bar bond condition. The cores showed that crack depth was related to
curvature, but when comparing this with results from their field monitoring, it was determined that
relative deflections between adjacent girders in the field resulted in a transverse deck curvature
that was too small to cause cracking of the fresh concrete. The laboratory specimen cores also
showed that differential movement did occur between reinforcing bars and concrete. The report
suggests that this movement could be detrimental to bond quality, but a quantitative measure of
bond performance was not performed.

A later study performed at the University of Kansas (Harsh and Darwin, 1984; Harsh and
Darwin, 1986) was conducted to determine the effects of traffic-induced vibrations on concrete
compressive strength and reinforcement bond strength for full-depth bridge deck repair
applications. Fifteen 4x8 ft. by 12-in. thick test slabs were constructed, with ten being subjected to
simulated traffic-induced vibrations and five being control specimens. The slabs were precast with
23-in. by 18-in. blockouts where the full depth repairs would be made. Concrete was placed in
these areas and subjected to constant vibrations for 30 hours after concrete placement. Properties
such as bar size, concrete slump, and concrete cover were varied to evaluate their effect on bond

strength. Cylindrical test specimens were also cast, with some being subjected to the same
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simulated vibrations as the slabs, to evaluate the effect of the vibrations on concrete compressive
strength. Pullout tests were performed on the reinforcing bars in the repair areas to quantify bond
strength.

In this study, it was concluded that vibrations do not affect concrete compressive strength
or bond strength between steel bars and concrete if high quality, low-slump (less than 3 in.)
concrete is used. Tests showed that compressive strength and bond strength of concrete with a
slump of 5 in. or greater would be degraded by vibrations. It was also observed that increasing the
concrete cover results in an increase in bond strength. The bond strength with smaller bars seemed
to be degraded less than that with larger bars when subjected to vibrations. However, in these
experiments the concrete and the steel reinforcement were vibrated together, and thus it is not clear
how differential deflections affect the concrete-steel bar bond.

The experimental program reported on by Issa (1999) consisted of testing 3.0-in. wide by
3.0 -in. deep by 19.7-in. long concrete beam specimens to failure in flexure. Tests were performed
on concrete five, eight, and twelve hours after casting. From this, a preliminary equation for the
modulus of elasticity of concrete between four and twelve hours after casting was presented.
Minimum curvatures required to crack the young concrete were also determined to be 2.06x10
in!, 3.12x10* in"!, and 4.50x10™* in! at five, eight, and twelve hours after casting, respectively.
Similar conclusions were drawn as in previous studies, e.g., well-proportioned low slump
concretes would not be degraded by traffic-induced vibrations and in some cases the curvature of
a freshly placed concrete deck was less than the curvature required to cause cracking. It was further
stated that early-age cracking can more often be attributed to faulty construction practices,

improper concrete proportions and poor reinforcement detailing than traffic-induced vibrations.
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In the Georgia DOT study (Deaver 1982), a testing program was also conducted in addition
to field inspections and monitoring. The two bridge widenings that were field monitored as part of
this study used closure pours. Test specimens were placed directly on these two bridges over the
closure pours to subject them to the same live traffic-induced displacements. Test specimens
consisted of two 24-in. x 36-in. by 7-in. deep blocks anchored to the bridge deck on both sides of
the closure pour with dowel bars extending into the closure pour region. Formwork was placed
between the two blocks, and plastic was placed between the deck closure pour concrete and the
test specimen, as shown in Figure 2.3. The specimen was filled with the same concrete, allowed
to cure in the same conditions, and subjected to the same displacements as the real closure pour.

Control specimens were also cast away from the bridge and not subjected to any movements.

EXISTING DECK BOLT HOLES

WOOD FORMS

PLASTIC SHEET

ANCHOR BOLTS

LOSURE POUR
PREFORMED OR TIE STRIP
SPECIMEN BLOCK : (FULL DECK REINF.
HALF 24" X 36" X 7" NOT SHOWN)

NEW DECK

Figure 2.3 — Closure strip field specimens tested in Deaver (1982). (Adapted from Deaver 1982)

After hardening, the specimen was removed from the bridge and the dowel bars were
removed from the anchor blocks. The specimens were saw cut to isolate individual reinforcing
bars and pull-out tests were performed to quantify the bond between the bars and the concrete in

the closure pour region. No significant difference was seen in bar pull-out test results of vibrated
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samples versus control specimens. It was concluded that the deflections experienced in the test
bridges were extremely small, and thus had no effect on the bond of bars in the closure pour.
Furthermore, it was recommended that closure pours may be eliminated in bridges where live load
and long-term deflections are expected to be very small.

A laboratory experiment conducted in Hong Kong by Ng and Kwan (2007a, 2007b)
employed a more sophisticated testing setup to study the effects of traffic-induced vibrations on
closure pours. In this study, the researchers intended to ensure that concrete test specimens were
subjected to a double curvature loading scenario, which better represents the flexural behavior of
a curing closure strip. Additionally, the displacements applied to the specimens were dependent on
the instantaneous stiffness of the specimen to simulate how differential deflections would decrease
and the load transferred across the closure strip would increase simultaneously as the closure strip
cures and gains strength. Concrete test specimens consisted of two 5.9-in. x 5.9-in. x 15.7-in.
precast end blocks, and a 19.7-in. long closure strip of the same cross section joining the two end
blocks. One end block was held fixed against rotation and translation, while the other was
subjected to vertical displacements without rotation, resulting in double curvature in the closure
strip. Specimens were subjected to vibrations ranging in amplitude from 0.02 in. to 0.20 in. for a
period of 24 hours. A total of 24 specimens were fabricated, with four being control specimens not
subjected to vibrations.

After 28 days, test specimens were subjected to either a double curvature strength test or a
rebar pullout test to quantify any degradation in the closure strip as a result of the imparted
deflections. This research provided approximate limits for curvatures corresponding to onset of
minor, medium and serious cracking in concrete decks. These limits were found to be 4.6x10™

in.”!, 6.9x10* in.”!, 9.1x10* in.”!, and 11.4x10* in."! respectively. A curvature limit was also
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provided at which bond and strength start to degrade, which was reported to be 20.6x10* in"!. In
this case, it was concluded that differential deflections can cause a reduction in bar bond and
closure strip strength, but the deflections would need to be large enough such as to induce
significant cracking of the deck. Thus, since cracking can affect longevity of the deck, measures
should be taken to limit these deflections, even if the overall strength of the closure strip is
unaftfected.

More recently, Swenty and Graybeal (2012) reported on an experimental program of the
Federal Highway Administration focused on the effects that relative movements between bars and
concrete during curing have on the bond strength in nine different embedment materials, including
grouts, ultra-high-performance concretes, and conventional bridge deck concretes. The test
specimens and procedures were based on ASTM C234 with some modifications. Standard #4
deformed bars were embedded in 6-in. cube specimens. For each embedment material, six
specimens, including three control specimens were fabricated. Control specimens were not
subjected to deflections during curing. The embedment material of the test specimens was
subjected to a constant displacement every 30 seconds until final set, while the bars remained
stationary. These displacements ranged from 0.005 in. to 0.1 in. of linear bar movement
perpendicular to the bar axis and were applied at frequencies of 2 Hz and 5 Hz. After the material
had fully set, a pullout test was performed and the results compared with those from the
undisturbed control specimens. It was concluded that a differential bar movement of 0.01 in. or
less did not significantly reduce bond strength in any of the materials. However, relative bar
movements of 0.05 in. or greater did significantly reduce bond capacity. These reductions were

around 70% for the conventional bridge deck concretes that were tested (both high and low slump).
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The frequency at which displacements were applied seemed to have a minimal effect on bond
capacity.

Research conducted at Clemson University (Andrews 2013) focused on how magnitude,
type, and duration of differential deflections affect the bond strength of reinforcing bars embedded
in 8000 psi Quickrete® Non-Shrink Precision Grout. Test specimens consisted of standard #4
deformed bars embedded 6 in. into 6-in. x 12-in. cylinders. Twenty-seven specimens were
fabricated, including three control specimens. Immediately after grout placement, cyclic
movements of the bars were initiated and lasted for eight hours, but with different time sequences.
Bars embedded in the cylinders were subjected to both translational and pivoting movements
during curing. The initial applied displacements varied from 0.015 in. to 0.036 in. for the
translational movements, and from 0.025 in. to 0.047 in. for the pivoting movements. The three
time-sequences that were used consisted of applying the displacements for the entire 8-hour test
period, only before the initial set, and only after the initial set of the grout. After ten days of curing,
the specimens were subjected to a bar pull-out test.

For both types of movements, larger amplitude displacements resulted in a greater
reduction in bond (in some cases more than 20 percent), but all disturbed specimens experienced
bond strength reduction when compared to the control specimens. There was a "critical window"
for which differential deflections had the greatest impact. This window was observed to be between
initial and final set of the grout. Loss of bond is expected to be negligible if the displacements are
applied outside of this window. For this specific material, the critical window was determined to
be between 30-60 minutes after casting, but these exact limits cannot be applied to other materials.

From these experiments, it could not be concluded whether translational or rotational movement
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of the bars is more critical due to the displacement amplitudes being different., but both movements
affected bond strength.

Conclusions drawn from these laboratory experiments indicated that a certain amount of
differential movement between curing concrete and reinforcement can be tolerated before the
concrete starts to crack and the bond begins to be degraded, but after some threshold of movement,
degradation is expected to occur. Studies also agreed that small amplitude vibrations of the
reinforcing bars have a less significant impact on the quality of the bond than large amplitude
movements of bars. Larger amplitude translation or pivoting of the bars within the concrete are
likely to cause damage. Values for these movements at which the concrete and bond will begin to
degrade were reported, but are strictly concerning the movement of the bar with respect to the
concrete. Thus, these values are of little practicality to designers, as it would be difficult to
calculate them beforehand. Limits on deck curvatures in the joint region or differential
displacements of girders adjacent to the longitudinal construction joint are both more practical
from a design perspective.

2.6 Summary and Conclusions

Committee 345 of the American Concrete Institute (ACI) published a Guide for Widening
Highway Bridges (2013) that provided direction regarding practices that reduce the possibility of
damage to a concrete bridge deck constructed in stages. Past studies and experiences are reviewed,
and an excellent summary of best practices that minimize the chance of defects developing in
staged bridge decks is provided. It was reported that longitudinal construction joints should always
provide for moment and shear transfer to eliminate problems identified in previously noted studies.
It was also recommend that, when possible, the longitudinal construction joint should be located

in the median or an untraveled area, in which case a structural connection is not needed, eliminating
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the concern of live load damaging curing concrete. However, in most cases this is not an option
and the construction joint must be located in the traveled way.

Citing numerous reports and past experience, it was acknowledged that differential
deflections during concrete curing have the potential to cause defects in bridge decks, with several
recommendations provided for limiting damage. These included using moderate-slump concrete
(2 to 3 in.), using only straight dowels in longitudinal joint connections, and securing formwork to
both the existing and new structures. Additionally, it was stated that traffic-induced vibrations can
be reduced by providing a smooth riding surface, reducing traffic speed and/or traffic weight limit,
temporarily closing the traffic lane closest to the longitudinal joint, connecting adjacent
diaphragms before deck placement to help equalize girder deflections, and providing temporary
shoring underneath the existing bridge.

Lastly, the committee recommended using closure pours in certain situations to help
maintain the integrity of the bridge widening. By using closure pours, the widened section of the
bridge remains isolated from the live load deflections during curing of the deck concrete, and the
widened portion is allowed to experience all the dead load deflections due to weight of the slab,
prestressed shortening, creep and shrinkage prior to making the final connection with the existing
bridge. In short spans or narrow widenings where these factors are not an issue, the use of closure
pours may not be necessary. When using closure pours, it was recommended not to attach
reinforcing bars and diaphragms across the joint region until immediately before concrete is placed
in the closure pour, thereby eliminating forces being transferred to the widened portion of the
bridge. By following these recommended practices, it was believed that differential deflections

could be tolerated and would generally not cause defects in concrete decks.
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While reports of bridges that have experienced problems directly caused by staged
construction are rare, many of these studies have concluded that relative movement between bar
and curing concrete can negatively impact concrete-bar bond strength and induce cracking in the
longitudinal joint region. While the potential for damage is acknowledged, it is unclear what
displacement limits designers should impose to minimize this possibility, or what methods they
should use to calculate these displacements. This lack of consensus suggests that the degree to
which differential deflections during staged construction affect the overall integrity of bridge decks
is not yet fully understood. Additional research is thus required to determine how much the
performance of longitudinal construction joints is affected by using a staged construction. To
obtain meaningful results and conclusions, an experimental study should incorporate:

1) Evaluation of the condition of existing bridge decks with staged construction joints that
have been in service for several years

2) Field measurements of differential displacements during staged construction of bridge
decks

3) Numerical analysis using finite element analysis software to estimate the magnitude of
differential displacements

4) Large-scale laboratory testing of representative concrete bridge deck specimens with
qualitative and quantitative methods to evaluate the integrity of the concrete-bar bond and

the concrete itself.
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Chapter 3: Review of Regional Practices

To gauge opinions on how much of an issue differential deflections during staged
construction are and how to treat them, an online survey was prepared and sent to nearby
transportation agencies. Topics included limitations on traffic using the bridge during concrete
placement and curing, concrete specifications, longitudinal joint detailing and common defects
observed. All the questions and the full summary of responses are in Appendix A.

3.1 Survey of Regional Organizations

The online survey was sent to regional Departments of Transportation (DOT) in Wisconsin,
Illinois, Minnesota, Michigan and Missouri, as well as bridge designers and inspectors in the State
of Wisconsin. These agencies were chosen mainly because they have similar environmental
considerations to the State of Wisconsin, and thus bridges in these states were expected to see
similar degradation over time due to freeze-thaw cycles, road salts, and deicing chemicals.

3.2 General Trends Observed

Every state that responded to the survey indicated that they do allow vehicular traffic to
use one or more lanes of a bridge while concrete is being placed on the same structure. Nearly
every respondent cited less disruption to traffic as the primary reason for doing so, but economy
was also a factor. One-third of respondents indicated that they impose some restriction on bridge
traffic during concrete placement. These limitations included reducing speed of traffic, either by
enforcing lower speed limits or by narrowing travel lanes, closing lanes adjacent to the concrete
pour, and reducing truck loads.

The specifications used for bridge deck concrete were generally similar for all respondents.
Each organization specified concrete with a minimum compressive strength at 28 days of 4000 psi,

a maximum slump of 4 in., maximum aggregate size of 1.0-1.5 in., and approximately 6% air
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entrainment. One respondent also noted that they have specific requirements for evaporation rate,
placement temperatures, humidity, and wind speed during concrete curing. Two responding
agencies indicated that they have weight restrictions in place until the concrete fully cures and
reaches or nearly reaches its design strength.

Respondents generally did not specify that a typical reinforcement detail is required by
their agency, as they will usually vary from plan to plan, but they did note some specific
requirements. One respondent said they provide a rebar splice if space permits, and if not, they use
mechanical connections. Another noted that they always require threaded bar splicers based on
space and safety considerations. Another response noted that the reinforcement in the joint region
should be checked for the overhang case during construction, and additional steel should be added
if needed. One agency specified that a longitudinal construction joint must be provided if the bridge
deck exceeds a certain width. It was also said that common practice is to place sealant in the
construction joint before fully opening the bridge to traffic.

There was more agreement on where the longitudinal joints should be located. Most
respondents specified for the construction joints to be between girders, and not in the final wheel
path (i.e. between lanes, middle of lane or on the shoulder). One respondent specified that
longitudinal construction joints should not be located over girders because they are more likely to
retain water, which will create performance issues from freeze-thaw cycles and corrosion, but
another agency specified that they prefer to place construction joints over girders when geometry
allows. A detail where the construction joint is within the top flange of the girder was encountered
in Texas by Furr & Fouad (see Figure 2.1d) and no defects were noted in bridges with this type of

joint. However, the climate in the Midwest is much less forgiving, and it seems reasonable to
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expect that any entrapped water in the joint region would be more likely to cause problems in a
colder climate.

The most common premature defect reported by those surveyed was unsatisfactory joint
performance (58% of respondents) followed by longitudinal and transverse cracks (both 50%) and
random cracks (42%). Less common defects experienced are concrete spalling (33%), joint
leakage (8%), poor ride quality (8%) and reduction in transverse rebar bond (8%).

3.3 Conclusions

This survey provided unique insight into the perception of this issue. Some topics were
agreed upon unanimously, and others had very little consensus. The respondents were consistent
in that they allow vehicles to continue using bridges during concrete placement and curing because
the impact to traffic by not doing so would be too great. The specifications for the concrete used
in bridge decks was also very consistent across all agencies, and conforms to the recommendations
provided by previous researchers for a high-quality, low-slump, well-compacted concrete. There
is near unanimous agreement that longitudinal construction joints should be located between
girders and out of final wheel paths whenever possible, which is consistent with observations seen
in Chapter 4. Nearly every respondent also noted that defects were often present and occurring
prematurely in longitudinal joint regions, so there was some consensus that construction joints
were not performing satisfactorily.

There was however, no consensus as to how to handle traffic using the bridge during
concrete placement and curing. Speed limits, weight limits, and lane closures were all mentioned
as ways to reduce live load deflections during concrete curing, but none have been widely adopted.

Previous research suggests that moving traffic as far away from the concrete pour as possible and
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providing a smooth road surface are the two most effective ways of limiting traffic-induced

deflections and vibrations, but it seems that few agencies have adapted these policies.
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Chapter 4: Evaluation of Existing Staged Construction Bridges

To further understand the types of defects that could possibly be created in concrete bridge
decks due to traffic displacements during construction, several existing bridge decks constructed
under these conditions were inspected. These bridges were primarily located in Southern
Wisconsin, and were identified with the help of the Project Oversight Committee and the
Wisconsin Department of Transportation’s Highway Structures Information System (HSI).

4.1 Selection of Bridges

This research was chiefly concerned with problems arising from differential deflections of
girders adjacent to longitudinal construction joints, a phenomenon that is mainly relevant to
concrete deck-on-girder bridges. As such, the field investigations were performed almost
exclusively on this type of bridge, either with prestressed concrete or steel girders. Using the HSI
online database, bridges with longitudinal construction joints were identified by applying criteria
filters to the nearly 12,000 bridge structures in the WisDOT inventory. There exist no criteria
denoting staged construction within HSI, so possible staged construction bridges had to first be
filtered using other criteria, and then their plans checked for staged construction. Examples of
these filtering criteria are location, bridge type, year built, and work performed. Bridges located
near Madison, Wisconsin were given priority to reduce the amount of travel required to reach the
bridge sites. The number of years the concrete deck had been in service was also considered, as
the investigations were concerned primarily with premature defects, and it would be difficult to
make any conclusions about decks that were nearing the end of their useful life.

Reviewing the construction history was critical in finding bridges that had been constructed
in stages. Previously widened bridges almost always incorporate staged construction and a

longitudinal construction joint. It is also relatively common for bridges undergoing deck
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replacement to be constructed in stages. A smaller percentage of new construction bridges utilized
staged construction, but this was sometimes the case when the new structure was replacing an
existing one. Several bridges were identified that had concrete decks constructed in stages, but in
many cases a concrete or bituminous overlay had previously been placed on the wearing surface.
These bridges were not inspected, as any damage that had occurred to the wearing surface during
the construction process would be unidentifiable underneath the overlay.

Recent inspection reports are also available for most bridges within HSI. Once a staged
construction bridge was identified, the notes from inspectors were reviewed. If there was any
mention of defects in the longitudinal joint region from a previous inspection, this bridge was
given priority as one to inspect further.

In total, 83 bridges were identified as being constructed in stages and possible candidates
for inspection. Of these, 41 bridges were visually inspected by the research team, including 23
steel girder bridges, 10 prestressed concrete girder bridges, and eight haunched concrete slab
bridges. No information was available regarding traffic conditions at the time the concrete deck
was poured, so it was assumed in all cases the traffic was maintained on the bridge during and after
concrete placement. However, this eliminates the possibility of correlating bridge deck condition
with traffic control measures in this task. A comprehensive list of these bridges, along with their
details and inspection notes, is in Appendix B.

4.2 Methods of Inspection

Visual inspections were performed for each of the 41 bridges mentioned previously. These
included taking still photographs from underneath and on top of the bridges. No lane closures were
used during the inspections, and traffic control measures were limited to a parked vehicle with

flashing lights. These inspections focused on the presence of any cracks, spalls, corroded
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reinforcement, leakage, etc. in the bridge decks. Consideration was given to the distribution of
visible defects in the different deck stages. If staged construction practices cause defects, then the
stage poured adjacent to live traffic should exhibit more damage than the stage constructed while
isolated from traffic.

Due to traffic considerations and the fact that many of the bridges were on or over major
highways, it was often not possible to get next to the longitudinal construction joints, which were
often located in a travel lane. To overcome this, a GoPro HERO4 Black Action Camera was
mounted to a vehicle and used to photograph the condition of the deck while traversing the bridge.
This camera was chosen for this task because it is rugged, easily mounts to a variety of surfaces,
can be operated remotely, and can record video using up to 240 frames per second. This relatively
high frame rate is crucial when trying to photograph fast moving objects (or in this case a stationary
object from a fast-moving vehicle).

By mounting the GoPro Camera to a vehicle, pointing it at the roadway, and then driving
over the bridge’s longitudinal joint, a recording made up of thousands of still images of the bridge
deck was created. These were analyzed frame-by-frame and any defects were noted. However,
there were limitations to this method. If the vehicle was traveling at normal highway speeds (50
miles per hour or more) the images could become blurry and any details unidentifiable. To solve
this, it was necessary to either use a higher frame rate or drive slower. Unfortunately, higher frame
rate also means higher price, and traveling much slower on a major highway is extremely
dangerous. Consequently, this method of photographing the wearing surface of the bridge was

most effective on quieter roads and ones with a lower speed limit.
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4.3 Condition of Bridges and Defects Noted

Overall, the condition of the decks inspected as part of this task were good, with few defects
noted that could be directly attributed to the live load deflections during construction. During each
inspection, notes were taken regarding any defects seen in the bridge. Common types of defects
seen in longitudinal joint regions include cracking (longitudinal, transverse and random),
efflorescence, leakage through the construction joint, insufficient concrete consolidation, and spots
of corrosion. Less commonly seen defects were delaminated concrete, spalled concrete, and
exposed corroded rebar.

4.3.1 Deck-on-Girder Bridges

Each deck-on-girder bridge inspected had one of three common reinforcement details at
the longitudinal construction joint, which was always located between normally spaced girders.
These three details can be seen in Figure 4.1. Detail A uses a simple lap splice of transverse
reinforcement and was by far the most common in the pool of bridges inspected as part of this
study. In this detail, the transverse reinforcing bars from the existing deck extend through the joint,
and are lapped with transverse bars for the new deck. Splice lengths ranged from 37 to 51 bar
diameters. Detail B uses a dowel bar splicer, where dowel bars are lapped with the transverse
reinforcement on both sides of the joint, and connected by a bar coupler embedded in the existing
deck side of the joint. All dowel bar splices encountered had a length of 52 bar diameters. Detail
C uses one-piece bar couplers, where the transverse steel from both stages are simply connected
using a coupler embedded in the existing deck side of the joint, with no lap splices on either side.
Each detail was observed with and without the shear key formed into the existing edge of the deck.

No inspected bridge had a longitudinal construction joint directly over a girder.



35

oLD NEW oLD | NEW |
JOINT ‘,ﬁ JOINT
| 1
[ Ln iy { I [5 1
[ 1 [ |
L LAPPED Z \ LAPPED
REINFORCING BAR REINFORCING
STEEL COUPLERS  STEEL
(a (b)
Fi NORMAL SPACING 4—{ }-— NORMAL SPACING 4—{
oLD | NEW |
‘,ﬁ JOINT ‘
| |
[ /Eﬂ 1
| Z 1
BAR
COUPLERS
(©)

l~—— NORMAL SPACING ——~]

Figure 4.1- Longitudinal construction joint reinforcement details seen in Wisconsin.

Visual inspections did not prove one detail to be preferable over the others. Bridge decks
with each detail were seen that were free of defects and performing well. One issue often
encountered was under-consolidated concrete in the longitudinal joint region. The presence of
spliced bars and shear keys in this region results in more congestion, which often makes it more
difficult to properly consolidate concrete into these tight areas. Couple this with the medium slump
concrete that is required for bridge decks and underconsolidation in this area becomes common.
An example of inadequate consolidation can be seen in Figure 4.2. To prevent this, workers should
use extra effort to ensure the concrete in the longitudinal joint region is properly consolidated by
internal vibration. Alternatively, using one-piece bar couplers (Figure 4.1— Detail C) will result in

the least amount of congestion and should improve this issue.
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Figure 4.2- Inadequate concrete consolidation 'éposing reinforcement in the longitudinal joint
region. (B-40-216 — Dowel bar splicer, detail B per Figure 4.1)

Nearly every bridge exhibited transverse cracking with efflorescence to some extent. These
cracks were typically widely spaced in the midspan region, and were most likely flexural cracks.
In some cases, these transverse cracks were concentrated more in one side of the deck (i.e. Stage
1 or Stage 2) but there was no evidence to suggest they were related to differential deflections
during construction. If differential movement between concrete and reinforcement were to cause
transverse cracking, it would be expected to be more closely spaced, at approximately the same
spacing as the transverse reinforcement. Typical transverse flexural cracks with efflorescence can

be seen in Figure 4.3.
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Figure 4.3- Typical regularly spaced transverse cracks with efflorescence (B-70-176)

Per structural analysis, differential deflection of adjacent girders will cause negative
moment in the concrete deck over the girder that is deflected downward less. In the case of staged
construction, this negative bending will occur over the girder adjacent to the longitudinal
construction joint on the side of the new deck. When the concrete has just been placed and is curing,
it has very little if any tensile strength and will be prone to cracking. If differential deflections are
large enough, one would expect a longitudinal crack to form in the top surface of the deck above
this girder near midspan.

A small number of the bridges inspected contained longitudinal cracks over girders

adjacent to the staged construction joint. However, these cracks were not limited to just the Stage

2 section of the deck. In some cases, the longitudinal cracks were also present in the deck segment
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that was poured while isolated to traffic, and thus were not caused by live traffic loads during the
staged construction process. Therefore, no conclusions were reached whether these cracks
developed because of displacements during curing of the concrete or after the bridge had remained
in service for years.

Signs of leakage through the longitudinal construction joint were also commonly observed.
This should be avoided; if water, deicing chemicals, road salt and other corrosive agents can seep
through the construction joint and reach the reinforcement, the steel crossing the construction joint
will be vulnerable to premature degradation. A typical leaking construction joint can be seen in
Figure 4.4. This was typical for many of the inspected bridges. The Wisconsin DOT has a standard
detail (Figure 4.5) to prevent this type of leakage, in which the top of the construction joint is saw-
cut and sealed after construction of both adjoining decks. It is possible that this was not performed
on the bridges that showed leakage through the joint. Bridges that utilized this sealant showed

minimal signs of leakage through the joint, suggesting that this detail is adequate when used.

o i & S
Figure 4.4 - Typical leakage through a longitudinal construction joint (B-53-083)
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Figure 4.5- WisDOT longitudinal construction joint standard detail (WisDOT 2017)

Related to the longitudinal joint leakage problem, in some cases spots of corrosion were
noticed underneath the deck at the joint location, indicating that the embedded steel has already
begun to corrode. This was also occasionally seen at cracks in the bottom surface of the deck.
These cases were not considered to be serious, as the spots of corrosion were small and isolated,
but were nonetheless evidence of corrosion of the embedded reinforcement. A typical case of this
can be seen in Figure 4.6.

One specific bridge deck constructed in stages that was determined to be in poor condition
was on bridge B-13-593. This Dane County bridge was on State Highway 19 over Halfway Prairie
Creek. This single-span, 58.9 ft simply-supported steel girder bridge was built in 1939, and then
had a deck replacement in stages in 1989. Extensive transverse cracking at approximately the same
spacing as the transverse reinforcement was seen in this bridge, extending from both sides of the
construction joint. There were also delaminations in the longitudinal joint region, and two locations
with spalled concrete exposing corroded reinforcing bars (Figure 4.7). The integrated wearing
surface was in decent condition, with a few transverse cracks that had been recently sealed. The

staged construction joint also appeared to have been sealed recently.
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Figure 4.6 - Typical spots of corrosion on the underside of the longitudinal construction joint
(B-56-022)

The only known design details for this bridge that may have contributed to this degradation
were that the concrete deck was thin (only 7 in.), and the bottom layer of reinforcement in the slab
was not epoxy coated. The plain steel bars are more susceptible to corrosion, which would then
lead to the spalled patches of concrete seen in the underside of the deck. Although the deterioration
in this bridge seems compelling, it is difficult to definitively attribute it to staged construction
practices. At the time of the inspection, this bridge deck was 27 years old and approaching the end
of its service life. It is therefore difficult to classify this damage as premature, which is the main

concern of this research.
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Figure 4.7- Spalled concrete and corroded reinforcement. Transverse cracking at approx. same
spacing as transverse reinforcement (B-13-593)

Another bridge of interest was B-70-176 in Winnebago County. This bridge was on the
southbound lane of Interstate Highway 41 over State Highway 76. This continuous steel girder
bridge consisted of two 115.5-ft spans and was initially constructed in 1995 and widened in 2011.
Extensive patching of the longitudinal construction joint was present along the entire length of the
bridge. Upon closer inspection, the patches appeared to be concentrated toward the existing side
of the construction joint. There were also no patches in the identical adjacent bridge (B-70-177)
which received a full deck replacement in stages. It is possible that in preparation for the widening,
the existing deck was damaged during demolition of the existing parapet. The patches were likely

used repair this, and not damage to the deck caused by differential deflections during curing of the
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widened deck portion. However, the widened portion of the deck had regularly spaced transverse
cracks with light efflorescence throughout the length of the bridge, where the existing deck only
had similar cracks in the midspan regions (see Figure 4.8). The transverse cracks in the widened
portion of the bridge deck are likely shrinkage cracks. The two deck portions were constructed 16
years apart, so they were likely subjected to different environmental conditions during curing and
would therefore have varying distributions of shrinkage cracks. Additionally, these transverse
cracks were mainly observed in the widened portion of the deck directly adjacent to the
longitudinal construction joint. Shrinkage cracks would be more prevalent in this area because the
hardened deck adjacent to the curing concrete provided some restraint against shrinkage. The

adjacent bridge (B-70-177), which was identical, was chosen to be a subject for the analytical

modeling portion of this research as discussed in Section 6.4.

e

Figure 4.8- Transverse cracksextending to abutment in Stage 2 deck (right side). Transverse
cracks in Stage 1 deck (left side) only near midspan region. (B-70-176)
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4.3.2 Haunched Slab Bridges

Eight concrete haunched slab bridges along a stretch of Interstate Highway 41/94 were also
investigated as part of this task. These bridge structures were in pairs, with each bridge carrying
one direction of traffic. Each of these bridges were almost identical structurally. All had three spans
of 33, 43, and 33 ft and varied in total thickness from 10 in. to 27.5 in. They were initially
constructed in stages in 1959, and then widened again using staged construction in 1970. All eight
bridges received a concrete overlay in either 1980 or 1987, and then a bituminous overlay in 1998
or 2001. One bridge, B-30-015, was identified by the Project Oversight Committee as having
unique longitudinal construction joint issues, which sparked the investigation of these eight similar
bridges.

The condition of the longitudinal joints in these haunched slab brides was determined to
be very poor. Many of the defects described previously for deck-on-girder bridges were also seen
here, except at a more serious level. Many of these bridges had extensive patching of concrete in
the longitudinal joint region, indicating concrete had previously spalled off (Figure 4.9). Some
bridges had not been patched yet, and very large spalled areas exposing corroded rebar were visible
(Figure 4.10). Other common defects in these bridges were longitudinal cracks and delaminations
adjacent to the longitudinal construction joints (Figure 4.11 and Figure 4.12).

In 1970, when these bridges were widened, epoxy coated steel reinforcement was not
being used in Wisconsin, which explains why such severe corrosion of the reinforcement was seen.
Due to the overlays in place, the original wearing surface could not be inspected, but based on the
condition of the underside of the slab, it may be inferred that cracks and other defects in the
longitudinal construction joint region allowed for the corrosion of the underlying steel

reinforcement, resulting in the eventual defects seen in this region.
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Figure 4.9- Patching of previously spalled conrét t Iongifudinal construction joint in
haunched slab bridge. (B-30-026)

Moisture between adjacent bridge structures (Figure 4.13) was observed for all the
inspected haunched slab bridges. There was no structural connection between the adjacent bridges,
just an embedded 6” rubber waterstop. This connection appeared to be retaining moisture in this
region and not allowing the concrete to dry. Thus, extensive corrosion and efflorescence was
observed at each connection. Although not related to live load deflections in curing concrete, this
detail does appear to have compromised the long-term integrity of the bridges.

Of these eight bridges, B-30-015 which was identified by the Project Oversight Committee,
appeared to be in the worst condition. In addition to all the defects mentioned previously, one
startling observation was visible movement between bridge deck stages during the passage of large

trucks. In both approach spans, large longitudinal cracks in the construction joint region visibly
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opened under traffic loading. This differential movement at the construction joint was measured
to be approximately " in., and occurred in the construction joint from the original 1959
construction (Figure 4.14). This repeated opening and closing of large cracks was slowly wearing
away the concrete, which was piling up on the embankment underneath. Visible differential
movement at the longitudinal construction joint verified that the continuity across the joint had
been severely degraded. This likely meant the concrete-rebar bond across the joint had been
compromised, possibly due to corrosion of the steel, damage to the surrounding concrete, or other

factors.

Figure 4.10- Spalled concrete at Iongitudial construction jbinf éxposing corroded
reinforcement. (B-30-014)

The different construction procedures for deck-on-girder bridges and haunched slab
bridges results in different live load deflection problems during staged construction. In deck-on-

girder bridges, the formwork is often supported by the precast concrete or steel girders, so the
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curing concrete and reinforcement deflect together with the girders under traffic loads. Diaphragms
and cross braces also help to distribute forces transversely and equalize deflections. In concrete
slab bridges, the formwork is often supported by the ground below so the curing concrete does not
deflect at all. If there is no shoring in place for the existing portion of the bridge, all the live load
deflection will be transferred to the reinforcement embedded in the curing portion of the slab.

These conditions, if not accounted for, could result in staged construction concrete slab bridges

experiencing larger displacements between adjacent stages than deck-on-girder bridges.

Figure 4.11- Large Iongitinal crak adjaent to construction joint. (B-51-017)
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Figure 4.12 - Delaminated area jnt to longitudinal constructi
deck. (B-30-014)

Minimal details were available concerning the shoring and falsework for these eight
haunched slab bridges, so it was impossible to say if a lack of shoring under the existing bridge
resulted in large differential deflections and the subsequent deterioration of the construction joints
over time. These bridges also had a short lap splice provided between construction stages, which
may also have contributed to the observed degradation. In both 1959 and 1970, the construction
stages were connected with a 24-bar diameter lap splice. This is considerably shorter than the lap
splices seen in any of the deck-on-girder bridges that were investigated, which had a minimum
splice length of 37 bar diameters, but utilized epoxy coated bars which require more development
length. Today, AASHTO LRFD (2012) would require these uncoated bars to be spliced 26 to 34
bar diameters, depending on the class of lap splice. A shorter splice would increase the possibility
for the bond to become deteriorated by differential deflections during curing. However, it is unclear
exactly what materials were used in the construction of these bridges, and this splice length may

have been appropriate for developing reinforcement with a yield strength less than 60 ksi.
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Figure 4.13 - Eﬁloresnce and corrosion due to retéined msture at wterstop joint between
adjacent bridges. (B-30-025/026)

Figure 4.14 - Large Iongitudial crack opening aprbimatel 1/4'
trucks. (B-30-015)

'during the passage of large
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4.4 Conclusions

Field inspections of 41 bridges across Wisconsin did not provide conclusive evidence that
live traffic during staged bridge construction causes deterioration of concrete bridge decks, but did
indicate that some defects and degradation may arise from the construction practices for
longitudinal joints. For concrete deck-on-girder bridges, no cases were found where traffic-
induced differential deflections during curing of the concrete deck definitively caused damage or
a loss of integrity in the concrete. A small number of these bridges did show signs of deterioration
and damage in the longitudinal joint region, but due to their age, these defects could not be
definitively attributed to the staged construction process. The one defect that was frequently noted
in deck-on-girder bridges was areas of underconsolidation in the longitudinal joint region. This
was definitively attributable to the construction practice, because this can only occur during
concrete placement. Longitudinal construction joints often incorporate spliced reinforcement and
shear keys, which can cause congestion and make it more difficult to properly consolidate the
moderate slump concrete that is used in bridge decks. Extra attention should be given to
consolidating the concrete in this region to ensure that the concrete does not have any large voids
under the reinforcement or in the shear key. Using one-piece bar couplers will reduce the amount
of reinforcement in the construction joint region and should allow the concrete to be more easily
consolidated.

One objective of this task was to determine if there exists any connection between
longitudinal construction joint design details and long-term performance. The details of each slab-
on-girder bridge were examined in terms of span length, girder configuration, girder spacing, deck
thickness, location of joint between girders and joint connection details. No trends were observed

between these variables and the defects seen. The only factor noted to influence the presence of



50

defects was the age of the bridge deck. Leakage through the joint may be controlled by the
Wisconsin DOT standard detail in which the top of the construction joint is saw-cut and sealed
after construction of both adjoining decks. Another option that may control leakage through the
joint is the use of a concrete retarder on the side surface of the first stage concrete, as discussed in
Section 7.4.

Based on inspections of eight identical haunched slab bridges, bridges of this type may be
more susceptible to damage from the staged construction process. Each of these bridges had
longitudinal construction joints that were in poor condition. The shoring system used during
construction of slab bridges could result in larger differential movements between hardened and
curing stages. Differential deflections between stages could be an issue if the new stage is shored
while the existing stage is not. No information was available regarding the type of shoring that
was used and how long it was in place for, so no definite conclusions can be made on how this
factored in to the poor performance of the construction joint. However, providing shoring for both
construction stages throughout the construction of the bridge will eliminate any possibility of
differential deflections occurring.

Another possible explanation for this degradation is that the construction joint was not well
detailed, and many years of increasing traffic demands has taken its toll on the deck. Defects in
the wearing surface would have allowed corrosive agents to attack the uncoated steel
reinforcement beneath, which would begin to lose its bond with the surrounding concrete, and
make the construction joint even more susceptible to damage. Additionally, at the time of
inspection, these bridges, which are on one of the busiest highways in Wisconsin, were 58 years
old with a 47-year-old widening. Years of heavy traffic loads and harsh environmental conditions

are likely to be the main reasons why the construction joints were in such poor condition. In this
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case, it was not possible to determine the key factor for the deterioration of these joints, but it is
highly likely that the use of staged construction and the resulting presence of longitudinal
construction joints has led to the rapid deterioration of this slab structure. These eight bridges were
all part of the same construction project and were almost identical structurally, making it difficult
to establish conclusions for concrete slab bridges in general.

If maintaining traffic during staged construction does cause deterioration of bridge decks,
then these defects would become present shortly after construction and then compromise the
durability of the structure over its service life. To make more definitive conclusions on defects
directly caused by staged construction, inspections should be performed immediately and routinely

after completion of construction.



52

Chapter 5: Field Monitoring of Displacements During Staged Construction

The next objective of this research was to identify bridges being built using staged
construction, and then install instrumentation to measure differential deflections of the
construction stages during the concrete curing period. Two Wisconsin highway bridges constructed
in stages during the Summer of 2016, B-16-136 and B-64-123, were chosen to be subjects of the
field monitoring. Once these bridges had been identified, the setup for the instrumentation was
designed and fabricated before being deployed at the bridge sites.

The first bridge that was field monitored, B-16-136, is a single-span prestressed concrete
girder bridge located in Dairyland, WI. This bridge was constructed in stages during the spring
and summer of 2016 with one of two traffic lanes open throughout the construction process. The
instrumentation setup discussed in Sections 5.1 and 5.2.1 was used to measure differential
displacements immediately after casting of the Stage 2 concrete deck. Throughout this chapter, the
monitoring of deflections during curing of the Stage 2 deck is referred to as “staged-construction
monitoring”.

The second bridge that was field monitored, B-64-123, is a three-span prestressed concrete
girder bridge located in Darien, WI. This bridge was also constructed in stages during the spring
and summer of 2016 with one of two traffic lanes open throughout the construction process. The
instrumentation setup discussed in Sections 5.1 and 5.3.1 was used for the staged-construction
monitoring of this bridge. For this bridge, the instrumentation was also used to monitor
displacements after the Stage 2 deck had fully hardened and the formwork had been removed.
Throughout this chapter, the monitoring of deflections after the Stage 2 deck has fully cured is

referred to as “post-construction monitoring”.
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After collecting the data, the magnitudes of differential deflections caused by regular traffic
conditions were computed for both bridges. Two different methods of calculating the differential
displacements were used, as discussed in Sections 5.1.3 and 5.1.4. The distributions of differential
deflections from both methods were then analyzed to provide probable magnitudes of differential
deflections. In the case of bridge B-64-123, the magnitudes of differential deflections during
staged-construction monitoring and post-construction monitoring were also compared.

5.1 Instrumentation and Setup

To measure differential deflections during staged construction, an instrumentation setup
was designed to be placed on the hardened concrete deck of the first stage, where it would extend
over the freshly placed concrete and measure distances to points on the deck surface. The
instrumentation that was utilized for this task consisted of string potentiometers (SPs), linear
variable differential transformers (LVDTs), accelerometers and tiltmeters. These instruments were
all manufactured by Bridge Diagnostics, Inc. (BDI) and data collection was performed using their
STS Live software.

All the sensors used for the field monitoring were attached to a custom-made structure that
could be quickly set-up and deployed on site. In previous studies where field monitoring was
performed (see Section 2.3), the differential deflections were calculated using linear
potentiometers to measure absolute displacement of the bridge girders, and then taking the
difference. Unlike those studies, the instrumentation setup used here essentially measures
differential displacements of the concrete deck directly with linear potentiometers. Absolute

deflections of the girders can also be calculated using accelerometer data.
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5.1.1 Instrumentation Arm Structure

The BDI sensors were mounted to a braced cantilever structure referred to as the
“instrumentation arm”. The instrumentation arm was fabricated with a mild steel base and slotted
steel angle sections for the cantilever portion. The base was made from an 18-in. long 6x4x3/8 in.
hollow steel section welded to a 0.75-in. thick steel base plate. Two slotted angle sections were
bolted together to create a T-section, and were then clamped rigidly to the top of the hollow steel
section. The brace was also made from a single slotted angle bolted at one end to the base plate
and to the web of the horizontal T-section at the other. Slotted steel angle sections were chosen
because of their light weight and versatility in attaching the instrumentation. Figure 5.1 shows a
sketch of the instrumentation arm structure. Once all the instruments were attached and the arm
was moved into position on the bridge decks, counterweights were placed on the base plate to

stabilize the structure.

45.'

PROFILE ELEVATION
(BRACE OMITTED FOR CLARITY)

Figure 5.1- Instrumentation arm structure

The arm was designed to be long enough to extend between the two girders adjacent to the
longitudinal construction joint. Ideally, the instrumentation arm base would be placed directly over
the girder nearest the construction joint on the hardened side of the deck to allow for direct

measurement of deflections between the adjacent girders. In the case of bridge B-64-123, the
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geometry of the construction staging did not allow for the instrumentation arm base to be placed
in this location, so it was set up as close as possible.

5.1.2 Instrumentation and Sensors

The instrumentation used to monitor displacements consisted of two LVDTs, four or five
string potentiometers, four or five accelerometers and four tiltmeters. For complete details of the
instrumentation used for each field monitoring test, refer to Figure 5.8 in Section 5.2.1 for bridge
B-16-136 and Figure 5.13 in Section 5.3.1 for bridge B-64-123. LVDTs were placed at the tip of
the cantilever and close to the base and measured relative distance between the arm and the curing
concrete deck. String potentiometers were also placed in these locations, as well as points in
between. Accelerometers and tiltmeters were located at the tip of the cantilever, the base of the
arm, and on small steel plates resting on the fresh concrete surface. These plates were also used as
surfaces to connect the string potentiometers and LVDTs to, as it was assumed that these plates
displaced the same as the concrete surface they were resting on. A photograph of the complete
instrumentation setup in place on a test bridge can be seen in Figure 5.2.

These sensors measured displacements at points on the fresh concrete surface as well as on
the instrumentation arm itself, which then allowed for the calculation of differential deflections
between the two adjacent girders. Two different methods were used to compute differential
deflections. They are discussed further in Sections 5.1.3 and 5.1.4. A collection frequency of 100

Hz was used for all field monitoring.
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Figure 5.2- Field monitoring instrumentation setup after casting of Stage 2 deck (B-16-136)

5.1.3 Corrected LVDT/SP Measurement Method

The first method for measuring differential deflections, referred to as the “Corrected LVDT”
or “Corrected SP” method, utilized the LVDT or string potentiometer at the tip of the cantilever
measuring relative displacement between the arm and the concrete deck. This measurement was
then corrected to account for any rotation of the arm. A diagram of how differential deflections
are measured using this method is shown in Figure 5.3. Equation 1 was used to calculate
differential deflections with this method. With this equation, a negative value of AH corresponds
to a differential deflection where the girder on the hardened side of the joint displaces downward

more than the girder on the recently poured side.
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AH =0 % L—D, (1)

where:

AH = Differential deflection of adjacent girders

D, = Displacement measured by LVDT or SP at tip of instrumentation arm
6 = Rotation of arm

L = Length of arm

NEW DECK OLD DECK

Figure 5.3 - Measured and calculated distances used in the corrected LVDT method. D2, is the
initial reading from the LVDT/SP at the tip of the arm. (Diagonal brace and sensors not shown
for clarity).

This method for calculating differential deflections is only valid if the instrumentation arm
remains rigid and does not deform during traffic event excitations. Comparing the rotation of the
tiltmeters mounted at the base and tip of the instrumentation arm showed whether the arm remained
rigid during a traffic event. Figure 5.4 shows that the arm does indeed remain almost perfectly
rigid, because both tiltmeters show almost the exact same rotation over the course of a traffic event.

However, it was later determined through testing that the tiltmeters could not respond quickly
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enough to accurately measure the magnitude of the rotation of the arm during a dynamic event.
Nevertheless, the tiltmeters responded together, indicating that the structure to which they were
attached remained rigid.
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Figure 5.4 - Response of arm tiltmeters to typical traffic event

When calculating the deflection at the tip of the instrumentation arm due to rotation, it was
suspected that the tiltmeters were producing inaccurate data. To verify this, a test of the
instrumentation arm was performed in the laboratory. The arm and the instruments were set up just
as they had been in the field, and then the base was rotated slightly and allowed to drop to the floor.
As before, rotations from tiltmeters attached to the base and tip of the arm were studied to
determine if the arm remained rigid. Figure 5.5 shows that this is the case, because the responses

of the tiltmeters to the excitation are nearly identical.
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Figure 5.5 - Arm rotation versus time for laboratory test of instrumentation arm

During this test, the displacement at the tip of the arm was measured by an LVDT which
was taken to be the true tip displacement. The displacement was then also calculated by
multiplying the rotation from the tiltmeter at the base of the arm by the arm length. For comparison,
the tip displacement was also calculated by twice integrating the acceleration from an
accelerometer at the tip of the arm. These calculated displacement curves are plotted in Figure 5.6.

This test of the instrumentation showed that the tiltmeters do not provide an accurate
measurement of the arm rotations for this type of excitation. It was believed that the response time
of the tiltmeter was too slow to accurately measure rotations occurring at higher frequencies. The
true tip displacement measured from the LVDT had an approximate response frequency of 7.5 Hz.
The response of the tiltmeter had a frequency of approximately 2.4 Hz., showing that it cannot
respond fast enough to measure displacements at higher frequencies than this. It appeared that after
the initial excitation, the tiltmeter overshot slightly and then overcorrected considerably when the

displacement reversed. Data recorded during the bridge tests showed frequencies that were



60

considerably higher than this, and thus it was determined that the tiltmeters would not provide

accurate measurements for rotations during the test.

1.4 T

—LVDT
—Accelerometer| |

120 Tiltmeter

1 _

0.8~ b

0.6~ .

0.4 N

0.2 =

Displacement (in)

ok _ ‘I“f‘\ /\’ /\/“\j\.{e\ggf&:: — 4
0.2 \ j ]

-0.4 N

0.6 L \ \ I 1
65 66 67 68 69 70 "

Time (sec)

Figure 5.6 - End displacement versus time for laboratory test of instrumentation arm

Fortunately, the plot of these displacement curves also showed that displacements can be
calculated accurately by double integration of the accelerations. Integration of the acceleration data
results in the velocity of the accelerometer, and then integrating again provides the absolute
displacement of the accelerometer. One issue with using numerical integration is the possibility
for compounding integration errors to accumulate and provide false results. By minimizing the
length of the trace that is being integrated and using a combination of high and low pass filters,
the integration errors can be reduced, resulting in an acceptable way to calculate displacements.

The trace lengths were minimized by using the base accelerometer to isolate individual
traffic events. When a disturbance detected by the accelerometer was above the level of ambient
movement, only that segment of data was kept and anything before or after the disturbance was

trimmed. By doing this, errors resulting from integrating accelerations due to ambient movement
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of the arm could be minimized. The accelerometer data were also run through a series of high and
low pass filters to minimize these errors. Accelerations with a frequency above 30 Hz and below
0.1 Hz were initially filtered out before performing the first integration. The resulting velocities
with a frequency above 30 Hz and below 0.25 Hz were filtered out before performing the second
integration that produced displacement of the accelerometer.

By performing this filtering and integration to the data sets from the accelerometers used
in the bridge field monitoring, absolute displacements were calculated for the base of the arm, the
tip of the arm, and points on the bridge deck above the adjacent girders. Arm rotation can then be
calculated by taking the difference of the tip and base displacement of the instrumentation arm and
dividing by the length between the two.

5.1.4 Deck Accelerometer Measurement Method

The second method, referred to as the “Deck Accelerometer” method, utilized the
accelerometers attached to the steel plates resting on the concrete deck above the adjacent girders.
By performing the same process of filtering and integrating the acceleration data discussed in
Section 5.1.3, displacements of each accelerometer were calculated; the difference between these

two deflections was the differential deflection, as presented in Equation 2.

AH = Dy3 — Dy4 (2)

where:

AH = Differential deflection of adjacent girders

D43 = Displacement calculated by double integration of the accelerometer marked
A-3 in Figure 5.8 and Figure 5.13

D44 = Displacement calculated by double integration of the accelerometer marked
A-4in Figure 5.8 and Figure 5.13
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5.2 Bridge B-16-136

5.2.1 Description

Bridge B-16-136 was a simply-supported prestressed concrete girder bridge in Dairyland,
Wisconsin. This two-lane bridge was on State Highway 35 and crossed over Chase Creek in
Douglas County. The bridge had a 60-foot span, and the five 36-in. deep prestressed concrete
girders had a constant spacing of 8 ft. The cast-in-place concrete deck was 8-in. thick. Transverse
reinforcement of #5 bars were spaced at 6.5 in. on top and bottom of the deck. Longitudinal
reinforcement of #4 bars were spaced at 8.0 in. on top and bottom of the deck. At the longitudinal
construction joint, the construction plans called for transverse reinforcing bars to be lapped 31 in.,
which is equivalent to 50 bar diameters. Actual field measurements of the splice length varied
between 34.5 in. and 36 in. (55-58 bar diameters). There was no shear key formed into the edge
of the Stage 1 deck.

This entirely new structure replaced an existing bridge and was constructed in stages. The
first stage involved construction of the northbound lane, and extended 12 in. past the centerline of
the bridge. The concrete deck for the first stage was poured 43 days before the second stage was
poured. The remaining portion of the deck, including the southbound lane, was constructed during
the second stage (see Figure 5.7). Immediately after casting of the Stage 2 portion of the deck, it
was covered in moist burlap and plastic to begin moist curing. The instrumentation arm setup was
then moved into place at midspan of the center girder, where the largest differential deflections
were expected. Because the instrumentation could not be moved into place until after the deck
had been poured and finished, the data collection began approximately 4 hrs. after the concrete
pour started, and about 2 hrs. after all the concrete had been placed. Data were collected for

approximately 4 hrs. 15 mins., a limitation primarily based on the safety of the research team in
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collecting data through the evening and night without other supervisory personnel. Thus, the data

collected correspond to a time frame from 4 hrs. to 8 hrs. 15 mins. after concrete placement
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Figure 5.7 — Cross section of bridge B-16-136 during stage 2 construction (looking north)

The instrumentation used for the staged-construction monitoring of B-16-136 consisted of
two LVDTs, five string potentiometers, four accelerometers and four tiltmeters. Exact locations of
these sensors are shown in Figure 5.8. Sensors marked A-1 through A-4 are accelerometers, T-1
through T-4 are tiltmeters, SP-1 through SP-5 are string potentiometers, and LVDT-1 and LVDT-2

are LVDTs.

T-4

-~ LVDT-1

Figure 5.8 - Instrumentation setup for the staged-construction monitoring of bridge B-16-136.
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During the monitoring of bridge B-16-136, SP-2 was connected to the top layer of the
embedded reinforcement, with the goal of measuring any relative displacement between
reinforcement in the longitudinal joint region and the surrounding concrete. This did not prove to
be successful, so it was eliminated for the following test.

5.2.2 Results

During the data collection period, 228 traffic events were detected and measured by the
instrumentation setup, which corresponds to approximately one traffic event every 67 seconds.
Traffic events were determined by excitation measured by the accelerometer at the base of the
instrumentation arm. The beginning of an event was triggered when a threshold acceleration was
reached, and the event ended once the acceleration dropped below the threshold value for a period
of four seconds. For this test, the acceleration threshold was set to be a range of 0.002 g (i.e. when
the range of acceleration exceeded 0.002 g, the start of the event was triggered). Each traffic event
does not necessarily correspond to a single vehicle, and could be the response of several vehicles
one after another. It was not possible to isolate the bridge’s response to each vehicle passing as
sometimes vehicles were on the bridge at the same time and their influence on the bridge would
therefore be combined.

The calculated differential deflection between adjacent girders for a typical traffic event
can be seen in Figure 5.9. Both methods of calculating the differential deflections discussed
previously are shown and there is reasonable agreement between the peak displacement values. In
this case, a negative value for differential deflection means that the girder on the hardened side of
the construction joint deflected downwards more than the girder on the freshly poured side. The
total differential deflection for each event is taken to be the total range of deflection (i.e. difference

between maximum and minimum). The total differential deflection measured for this specific
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event was 0.0193 in. as measured by the Corrected LVDT method, and 0.0156 in. as measured by

the Deck Accelerometer method.
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Figure 5.9- Typical trace of differential deflection versus time for bridge B-16-136

Differential deflections were calculated in this way for each of the 228 traffic events. To
determine the probability of experiencing a certain differential deflection, the collection period
was divided into five-minute windows and the maximum differential deflection in each five-
minute period was recorded. These maximum differential deflections were then plotted using a
histogram and fit to a type-I extreme value distribution, also known as a Gumbel distribution. An
extreme value distribution was used because extremely large differential deflections cause the most
concern. During this monitoring, there were many small vehicles that crossed the bridge, but they
had no significant effect on the bridge. The vehicles to be concerned about are the less common,
large trucks. For this type of scenario where the extreme events are the main interest, the Gumbel
distribution is useful because it only considers the maximum event in a given period of time, and

the more frequent, smaller, and less important events are not included and therefore do not skew
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the distribution. The Gumbel distributions for the Corrected LVDT and Deck Accelerometer
methods of calculating differential deflections are shown in Figure 5.10 and Figure 5.11,
respectively.

Figure 5.10 shows that the maximum differential deflection measured by the Corrected
LVDT method during this curing period was 0.0379 in. From the fitted Gumbel distribution, it can
be said that for a given 5-minute window, there was a 95% probability that the maximum
differential deflection experienced would be less than 0.0263 in. The average expected maximum
differential deflection during this window was 0.0143 in. Figure 5.11 shows that the maximum
differential deflection measured by the Deck Accelerometer method during this curing period was
0.0338 in. With this method, for a given 5-minute window there was a 95% probability that the
maximum differential deflection experienced would be less than 0.0253 in. The average expected

maximum differential deflection during this window was 0.0124 in.
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Figure 5.10 - Distribution of maximum differential deflections of bridge B-16-136 calculated
using the Corrected LVDT method. Note: PDF scaled by a factor of 50.
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Figure 5.11 - Distribution of maximum differential deflections of bridge B-16-136 calculated
using the Deck Accelerometer method. Note: PDF scaled by a factor of 50.

During the 4 hrs. 15 min. that data were collected, a reduction in the magnitude of
differential deflections was expected. As the concrete hardens and gains strength and stiffness, the
deck should transfer more load and work to equalize girder deflections. This trend was not apparent
from the staged-construction monitoring data. The small deflection magnitudes and randomness
of traffic made any change in differential deflection over time indistinguishable. To accurately
measure this reduction in the field, a vehicle with known weight would need to be placed on the
bridge in the same location at different times after the onset of concrete curing.

5.3 Bridge B-64-123

5.3.1 Description

Bridge B-64-123 was a three-span prestressed concrete girder bridge in Darien, Wisconsin.
This two-lane bridge was on the southbound lane of Interstate Highway 43 and crossed over Elm
Ridge Road in Walworth County. The three span lengths were 44.5, 64.0, and 33.5 ft, respectively.

The four 45-in. deep prestressed concrete girders had a constant spacing of 12 ft - 3.5 in. The cast-
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in-place concrete deck was 10-in. thick, with transverse reinforcement of #6 bars top and bottom
at 7.0-in. spacing and longitudinal reinforcement of #4 bars top and bottom at 8.0-in. spacing. At
the longitudinal construction joint, transverse reinforcing bars were lapped 37 inches, which is
equivalent to 49 bar diameters. A shear key was provided in the edge of the Stage 1 deck.

This project consisted of a bridge deck replacement constructed in stages. The first stage
involved replacement of the south lane, and extended 4 ft — 1.75 in. past the centerline of Girder 3
as shown in Figure 5.12. The remaining portion of the deck, including the north lane, was
constructed during the second stage. The Stage 1 portion of the deck was cast 64 days before the
Stage 2 portion. Immediately after casting of the Stage 2 portion of the deck, it was covered in
burlap and soaker hoses to begin wet curing. The instrumentation arm setup was then placed in the
main span at midspan of the construction joint line, where the largest differential deflections were
expected. Because of the geometry of the construction staging, the base of the instrumentation arm
could not be placed directly over Girder 3. The base was instead placed on the hardened Stage 1
deck between the traffic barrier and the longitudinal construction joint, offset approximately 46 in.
It was assumed that the deck overhang would experience minimal deflection relative to Girder 3,
so differential deflections could still be measured with the instrumentation arm in this location.

Again, because the instrumentation could not be moved into place until after the deck had
been poured and finished, the data collection began approximately 4 hrs. 15 mins. after the concrete
pour started, and about 2 hrs. after all the concrete had been placed. Data were collected for
approximately 4 hrs. 30 mins. Thus, the data collected correspond to a timeframe from 4 hr. 15

mins. to 8 hrs. 45 mins. after concrete placement commenced.
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Figure 5.12 - B-64-123 Cross section of bridge B-64-123 during stage 2 construction (looking

The instrumentation was later reinstalled for the post-construction monitoring after the
deck had fully hardened and the formwork had been removed, but before the bridge was fully
opened to traffic. This occurred 20 days after casting of the Stage 2 deck. Data collection for the
post-construction monitoring lasted for approximately one hour.

The same instrumentation setup was used for both the staged-construction monitoring and
the post-construction monitoring. This consisted of two LVDTs, four string potentiometers, five
accelerometers and four tiltmeters. Exact locations of these sensors are shown in Figure 5.13.
Sensors marked A-1 through A-5 are accelerometers, T-1 through T-4 are tiltmeters, SP-1 through
SP-4 are string potentiometers, and LVDT-1 and LVDT-2 are linear variable differential
transformers. During the staged-construction monitoring, the LVDT-2 was malfunctioning, so
instead, the string potentiometer (SP) in this location was used to calculate the differential
deflections for the Corrected LVDT/SP method discussed in Section 5.1.3. LVDT-2 was
functioning for the post-construction monitoring, and was therefore used for the calculation of

differential deflections during this test.
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Figure 5.13 - Instrumentation setup for staged-construction monitoring and post-construction
monitoring of bridge B-64-123.

5.3.2 Results
5.3.2.1  Staged Construction Monitoring

During the staged-construction monitoring, 1039 traffic events were detected and measured
by the instrumentation setup, which corresponds to approximately one traffic event every 15
seconds. The calculated differential deflection between adjacent girders for a typical traffic event
can be seen in Figure 5.14. Again, both methods of calculating the differential deflections produced
similar results. The total differential deflection measured for this specific event was 0.0206 in. as
measured by the corrected SP, and 0.0153 in. as measured by the accelerometers on the bridge
deck.

Differential deflections were calculated using both methods for each of the 1039 traffic
events. As with the field monitoring of Bridge B-16-136, the collection period was divided into
five-minute windows and the maximum differential deflection in each five-minute period was
recorded. The maximum differential deflection in each period was then plotted using a histogram

and fit to a Gumbel distribution. The Gumbel distributions for the Corrected SP and Deck
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Accelerometer methods of calculating differential deflections are shown in Figure 5.15 and Figure

5.16, respectively.
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Figure 5.14 - Typical trace of differential deflection versus time for bridge B-64-123

Figure 5.15 shows that the maximum differential deflection measured by the Corrected SP
method during this curing period was 0.0399 in. From the fitted Gumbel distribution, it can be said
that for a given 5-minute window, there was a 95% probability that the maximum differential
deflection would be less than 0.0264 in. The average expected maximum differential deflection
during this window was 0.0152 in. Figure 5.16 shows that the maximum differential deflection
measured by the Deck Accelerometer method during this curing period was 0.0365 in. With this
method, for a given 5-minute window there was a 95% probability that the maximum differential
deflection experienced would be less than 0.0278 in. The average expected maximum differential

deflection during this window was 0.0178 in.
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During the 4 hrs. 30 min. that data were collected, a reduction in the magnitude of
differential deflections was expected as the concrete hardened. For the same reasons as bridge B-
16-136, this trend was not apparent from the staged-construction monitoring data. Again, no actual
vehicle weights were known so differential deflections of the bridge at different times cannot be
directly compared.

5.3.2.2  Post-Construction Monitoring

Twenty days after casting of the Stage 2 deck, the concrete had gained sufficient strength
for the formwork to be removed. At this time, the instrumentation shown in Figure 5.13 was
reinstalled and displacement data were collected for approximately one hour. During this time, 319
traffic events were recorded, which is equivalent to about one event every 13 seconds. As before,
the collection period was divided into five-minute windows and the maximum differential
deflection in each five-minute period was recorded. The maximum differential deflection in each
period was plotted using a histogram and fit to a Gumbel distribution. The Gumbel distributions
for the Corrected LVDT and Deck Accelerometer methods of calculating differential deflections
are shown in Figure 5.17 and Figure 5.18, respectively.

Figure 5.17 shows that the maximum differential deflection measured by the Corrected
LVDT method during this collection period was 0.0363 in. From the fitted Gumbel distribution, it
can be said that for a given 5-minute window, there was a 95% probability that the maximum
differential deflection experienced would be less than 0.0284 in. The average expected maximum
differential deflection during this window was 0.0157 in. Figure 5.18 shows that the maximum
differential deflection measured by the Deck Accelerometer method during this collection period

was 0.0432 in. With this method, for a given 5-minute window there was a 95% probability that



74

the maximum differential deflection experienced would be less than 0.0241 in. The average

expected maximum differential deflection during this window was 0.0138 in.
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When comparing the results from the post-construction monitoring with those from the
staged-construction monitoring, a reduction in differential deflection was expected as the concrete
reaches the design strength. As the concrete hardens and gains strength and stiffness, the deck
should transfer more load and work to equalize girder deflections. This trend was not apparent
from the staged-construction and post-construction monitoring data. Using the Corrected
SP/LVDT method, 95% of the time the expected differential deflection was less than 0.0264 in.
during curing and 0.284 in. after the deck had hardened. Using the Deck Accelerometer method,
95% of the time the expected differential deflection was less than 0.0278 in. during curing and
0.241 in. after the deck had hardened. These variations in expected magnitudes are likely not
significant and could be due to the randomness of the traffic being recorded. To more accurately
measure reductions in differential deflections over time, a vehicle of known weight should be
placed on the bridge at different times after the onset of curing.

5.4 Conclusions

The results from the field monitoring of bridges B-16-136 and B-64-123 show that the
differential deflections experienced during staged bridge construction, at least in these two cases,
were very small. In the nearly ten hours of data collection, the largest measured differential
deflection was 0.0432 in. The magnitudes of these differential deflections seem to be reasonable,
and agree with those recorded in previous studies (see Table 2.1). These previous studies used
linear potentiometers that directly measured absolute deflections of bridge girders, whereas this
research used a setup that measured girder differential deflections directly. This suggests that even
though the field monitoring methodology used in this study was different to those previous, it is

still a viable way to measure bridge girder differential deflections.
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Because the differential movements were extremely small, it was sometimes not possible
to accurately measure them with this instrumentation setup. For many smaller vehicles, the
differential movements were not larger than the ambient movement of the bridge, which dominated
the displacement plots. Any movement less than approximately +0.01 in. was virtually
indistinguishable from the ambient movement of the bridge. This issue, however, was avoided
using an extreme value distribution to analyze the magnitudes of differential displacements
because only the largest displacement measured during a specific time window was used to form
the distribution.

Comparing results from the staged-construction monitoring and post-construction
monitoring of bridge B-64-123 showed very little difference in the magnitude and distribution of
differential deflections. The difference in 95 percentile of maximum differential deflection
between the staged-construction monitoring and the post-construction monitoring was not
significant. This suggests that reductions in differential deflections from hardening of the Stage 2
deck are not well pronounced. Exact reductions in deflection could not be computed because
vehicle weights were not known.

Results from both field monitored bridges proved to be very similar. Both the magnitudes
and distributions of differential deflections were nearly identical, which was expected as they are
structurally similar. Both bridges used prestressed concrete girders and had similar main span
lengths of 60 and 64 ft. The bridges did however have different girder spacings and deck
thicknesses which suggests that these details may have a less significant effect on the magnitude

of differential deflections during staged construction.
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Chapter 6: Numerical Analysis of Staged Construction Bridges

Finite element models were created using ABAQUS for three existing staged construction
bridges to further investigate differential deflections during staged construction. These bridges
have all been discussed earlier, two of which, B-16-136 and B-64-123, are the bridges where
differential deflections were field monitored during staged construction. Modeling these two
bridges allowed for the comparison and verification of results between the field monitoring task
and the numerical analysis task. The third bridge, B-70-177, is an existing staged construction
bridge that was inspected and discussed in Chapter 4. This bridge was selected to provide some
variety to the bridges being modeled. Whereas the two field monitored bridges were both
prestressed concrete girder bridges with similar main span lengths, B-70-177 was a steel plate
girder bridge with span lengths almost twice as long and twice as many traffic lanes during staged
construction.

6.1 Assumptions

To construct these finite element models, certain assumptions were made. One such
assumption was that all materials and components exhibit linear elastic behavior. This applies to
the girders, hardened and curing concrete decks, diaphragms, cross-bracing and parapets. This
assumption was determined to be suitable because deflections during construction are part of a
service limit state, and thus no yielding or inelastic deformations are expected during regular use
of the bridge.

To define a linear elastic material in ABAQUS, only two properties are required: modulus
of elasticity and Poisson’s ratio. Steel components, such as girders, cross-braces, diaphragms, and
reinforcing bars were given a modulus of elasticity of 29,000 ksi and a Poisson’s ratio of 0.30.

Concrete components, such as prestressed girders, decks, and parapets were given a modulus of
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elasticity of 1820 m , as suggested by AASHTO (AASHTO 2012). Values for the in-place
concrete compressive strengths, f’c, were assumed to be equal to the design compressive strength
specified on the bridge plans. This was 4,000 psi for all hardened concrete decks, 3,500 psi for
parapets, and either 6,000 psi or 8,000 psi for prestressed concrete girders. Though actual concrete
strengths of the monitored bridges were higher than the design strengths, modeling lower strength
and lower stiffness concrete was presumed to be conservative in estimating the differential
deflections caused by traffic loading. All concrete materials used a Poisson’s ratio of 0.20.

To account for the increase in stiffness as the Stage 2 concrete deck hardens, the modulus
of elasticity was increased from a minimal value which represents plastic (fresh) concrete, to the
final value which represents fully hardened concrete. Results were computed for several
intermediate values of the modulus of elasticity to determine how the differential deflections
change as the concrete gains strength. The values used for the modulus of elasticity correspond to
that of a concrete that has been curing for 0, 0.5, 1, 3, 7 and 28 days. To determine these
approximate values of elastic modulus, the compressive strength of the concrete was first estimated

at the corresponding time using Equation 3, suggested by ACI 209 for Type I cement (ACI

Committee 209 1992). The modulus of elasticity was then estimated as before using 1820 /", .

£o(8) = fuze (=) (3)
Where:

f-(t) = concrete strength as a function of time
fc28 = concrete strength at 28 days
t = curing time (days)
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All components were modeled as homogenous materials except for the concrete decks. The
decks were modeled using shell elements with embedded layers of reinforcement. ABAQUS has
a built-in feature for adding layers of reinforcement to shells. Rather than modeling individual
reinforcing bars, this feature adds an internal layer of different stiffness to the shell element
formulation. The stiffness of the layers is calculated based on the reinforcing material, area of
individual reinforcing bars, bar spacing, and reinforcement orientation and position. Four total
layers were included, one each for the top and bottom longitudinal bars and top and bottom
transverse bars. Additional steel reinforcement placed in the deck overhangs was ignored. When
the concrete deck was modeled using plastic (fresh) concrete, the steel reinforcement was not
included. Before hardening, the steel reinforcement does not work compositely with the concrete
deck and provides very little stiffness to the section, if any.

Prestressed concrete girders were modeled as homogeneous materials. Prestressing strands
were not modeled because the steel itself does not contribute significantly to the stiffness of the
section. The prestressing force applied by the steel strands counters the applied gravity loads and
causes the girder to remain uncracked under normal operating loads. Considering this, as long as
the prestressing force was maintained, a homogenous, linear-elastic material was assumed to be
appropriate to model prestressed concrete girders.

Further decisions were taken regarding the vehicle loading applied in the finite element
models. The geometry for the loading truck was chosen to be similar to the AASHTO LRFD design
truck, with three axles at a constant 14-ft spacing and a 6-ft width between wheels. The total vehicle
weight was selected to be the maximum allowed by WisDOT on Class A highways. For a truck
with three axles and a total length between axles of 28 ft., this was equal to 57,100 lbs (WisDOT

2007). The load was distributed to the three axles in the same proportion as the AASHTO design
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truck, with 11.11% of the total vehicle weight going to the front axle, and 44.44% going to the
each of the two rear axles. A 24-in. square contact patch was used for each wheel, and the load was
applied as a uniform pressure over this area. A 33% dynamic load allowance was included for all
vehicle loads. Details of the truck loading used in the finite element models are shown in Figure
6.1. This loading truck was selected to provide an upper-bound estimate of differential deflections
experienced during staged bridge construction. Larger, overweight vehicles that would require a
special permit were assumed to be prohibited from using a route when a staged construction bridge
pour is taking place.

Dead loads were not included in this numerical analysis. Differential deflections are

primarily due to vehicular live loading, which is thus the only load considered in this analysis.



81

57.1 kips x 1.33
= 75.94 kips

844 k 33.75k 3375k

ELEVATION

p =0.00732 Kiin? — }— p =0.02930 kfin? —{ 6'- 0"

— 24" =

PLAN

Figure 6.1 - Details of truck loading used in all finite element models

6.2 Bridge B-16-136 Model
6.2.1 Description
The structure of bridge B-16-136 has previously been described in detail in Section 5.2.1.
The 36 deep prestressed concrete girders were modeled using linear-elastic, homogeneous solid
elements. These girders were all simply supported and were therefore restrained in the vertical
direction at the ends where the bearing pads were located. To prevent rigid body motions, each

girder was also restrained at a single point against translations in the horizontal directions.
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Both the Stage 1 and Stage 2 concrete decks were modeled using composite shell elements.
As stated previously, four layers of steel reinforcement were modeled into the concrete decks. The
decks and girders were connected using a tie constraint to prevent any relative displacement
between the elements. The longitudinal construction joint between the two deck stages was also
constrained in this way. Steel diaphragms were modeled using shell elements. All diaphragms were
hot-rolled channel shapes with their webs bolted to the webs of the concrete girders. Thus, the
diaphragms were connected to the girders by constraining the webs only, and not the flanges. The
parapet on the existing Stage 1 side of the deck was modeled using solid elements and was tied in
place to the hardened deck. The parapet on the other side of the bridge was not included in the
model as it was not present during pouring of the Stage 2 deck. An image of the finite element
model is shown in Figure 6.2.

One lane of the bridge remained open during curing of the concrete deck, with a signal
alternating the direction of traffic. In the model, the truck was moved along the bridge in both
directions to determine what location would produce the maximum differential deflection between
girders on either side of the longitudinal construction joint. The differential deflection was
measured at midspan where it was assumed to be largest. Once the critical loading position was
determined, the model was run multiple times while increasing the modulus of elasticity for the

curing deck to analyze how differential deflections change as the concrete hardens.
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Figure 6.2 - Top: Isometric view of finite element model for B-16-136. Bottom: Concrete deck
hidden to show bridge framing and boundary conditions.

6.2.2 Results
The primary purpose of this task was to compute deflections of specific points on the bridge.

The finite element models were not used to compute forces or stresses in the deck, girders or steel
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reinforcement due to the staged construction traffic. A typical deflection field for this bridge is

shown by the contour plot in Figure 6.3.

U, U2
+1.943e-02
+5.4032-03
-8.6272-03
-2.266e-02
-3.669e-02
-5.0722-02
-6.4752-02
-7.8782-02
-9.281e-02
-1.0682-01
-1.209e-01
-1.349e-01
-1.489e-01

Figure 6.3 - Typical contour plot of vertical displacement for B-16-136

The maximum differential deflection calculated from this model was 0.0637 in. This
occurred when the curing deck was still plastic and had essentially no stiftness. As expected, the
differential deflection decreased as the Stage 2 deck hardened and was capable of transferring more
load between girders. Figure 6.4 shows the deflected shape at midspan computed by the finite
element model for the loading case that produces maximum differential deflections. The figure
shows how the deflected shape changes as the modulus of elasticity for the curing concrete deck
is increased. Solid vertical lines represent locations of girders and the dashed vertical line shows
the location of the longitudinal construction joint. The arrows represent where the truck wheel
loads were acting. The location of the truck that produced maximum differential deflection was

the same for each moduli of elasticity used.
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Figure 6.4 - B-16-136 deflected cross section at different ages of Stage 2 deck

Table 6.1 highlights the changing magnitude of maximum differential deflections between
girders adjacent to the staged construction joint as the Stage 2 deck hardens. The different elastic
moduli used in the finite element model correspond to the approximate stiffness of concrete that
has cured for 0, 0.5, 1, 3, 7, and 28 days. The maximum differential deflection reduced slightly,
about 0.0231 in. total, as the concrete deck hardened from casting to 28 days.

Table 6.1 - Differential deflections from B-16-136 finite element model

Concrete Curing  Concrete Compressive Concrete Modulus of Maximum Differential
Time (days) Strength (ksi) Elasticity Strength (ksi) Deflection (in)

0 0.00 1 0.0637

0.5 0.45 1223 0.0434

0.82 1652 0.0427

1.83 2459 0.0417

2.80 3046 0.0411

28 4.00 3640 0.0406
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6.3 Bridge B-64-123 Model

6.3.1 Description

The structure of bridge B-64-123 has previously been described in detail in Section 5.3.1.
The modeling procedures and techniques for this bridge were mostly identical to those used for B-
16-136. The elements used for the prestressed concrete girders, concrete decks, diaphragms and
parapets were also the same. The main difference with this bridge was that it had three spans as
opposed to just one. All three spans were modeled and special consideration was given to how the
ends of the girders were restrained. The girders in each span were simply supported but the deck
was continuous over all three spans. At the piers, the ends of the girders were encased in a concrete
diaphragm. To account for this, the outside surfaces at the girder ends that were encased by the
diaphragm were restrained against translation in the vertical and horizontal directions. The surface
at the end of the girder was unrestrained to allow rotation in the primary bending direction (See

Figure 6.5). An image of the entire finite element model can be seen in Figure 6.6.

END SURFACE OF
GIRDER UNRESTRAINED

G

OUTSIDE SURFACES OF
GIRDER RESTRAINED IN
= HORIZONTAL AND/OR
- VERTICAL DIRECTION

Figure 6.5 - Details of restraints provided at girder ends with concrete diaphragms.
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Figure 6.6 - Top: Isometric view of finite element model for B-64-123. Bottom: Concrete deck
hidden to show bridge framing and boundary conditions.

One lane of the bridge remained open during curing of the concrete deck, with traffic
traveling in one direction. In the model, the truck from Figure 6.1 was again moved across the
bridge to determine the location that would produce maximum differential deflections. The
deflections were calculated at midspan of the main, longest span because it was assumed that this
location will experience the largest deflections of anywhere in the bridge. Once the critical loading
position was determined, the model was run multiple times while increasing the modulus of

elasticity for the curing deck to analyze how differential deflections change as the concrete hardens.
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6.3.2 Results
Displacements were calculated for all nodes in the bridge model. A typical deflection field

for this bridge is shown by the contour plot in Figure 6.7.

U, U2
+5.040e-03
-1.633e-03
-8.3052-03
-1.4982-02
-2.1652-02
-2.832e-02
-3.4992-02
-4,1672-02
-4.834e-02
-5.501e-02
-6.1682-02
-6.8362-02
-7.503e-02

o

Figure 6.7 - Typical contour plot of vertical displacement for B-64-123

The maximum differential deflection calculated from this model was 0.0673 in. Again, this
occurred when the curing deck had minimum stiffness. As before, the differential deflections
decreased as the Stage 2 deck hardened and transferred more load between girders. Figure 6.8
shows the deflected shape at midspan computed by the finite element model for the loading case
that produces maximum differential deflections. The figure shows how the deflected shape
changes as the modulus of elasticity for the curing concrete deck is increased. Solid vertical lines
represent locations of girders and the dashed vertical line shows the location of the longitudinal
construction joint. The arrows represent where the truck wheel loads were acting. The location of
the truck that produced maximum differential deflection was the same for each moduli of elasticity

used.
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Table 6.2 highlights the changing magnitude of differential deflections between girders

adjacent to the longitudinal construction joint as the Stage 2 deck hardens. Again, the reduction in

differential deflection during curing is slight, about 0.0258 in. total, with very little change

occurring after 12 hours of curing.
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Figure 6.8 - B-64-123 deflected cross section with different elastic moduli

Table 6.2 - Differential deflections from B-64-123 finite element model

Concrete Curing Concrete Compressive Concrete Modulus of
Time (days) Strength (ksi) Elasticity Strength (ksi)  Differential Deflection (in)
0 0.00 1 0.0673
0.5 0.45 1223 0.0446
1 0.82 1652 0.0439
3 1.83 2459 0.0428
7 2.80 3046 0.0421
28 4.00 3640 0.0415
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6.4 Bridge B-70-177 Model

6.4.1 Description

Bridge B-70-177 was a two-span steel plate girder bridge in Oshkosh, Wisconsin. This
three-lane bridge was on the northbound lane of Interstate Highway 41 and crossed over US Route
76 in Winnebago County. The two continuous spans had equal lengths of 115.5 ft. In 2010, this
bridge underwent a deck replacement and widening in stages. There were six 54-in. steel plate
girders, four of which were from the original structure and were spaced at 12 ft — 0 in. Two more
identical girders were added during the widening and were spaced at 10 ft — 6 in. The cast-in-place
concrete deck was 11-in. thick, with transverse reinforcement of #6 bars top and bottom at 7.0-in.
spacing and longitudinal reinforcement of #4 bars top and bottom at 6.5-in. spacing. At the
longitudinal construction joint, transverse reinforcing bars were lapped 37 in., which is equivalent
to 49 bar diameters. No shear key was provided at the construction joint.

The first stage involved demolishing the inside 15 ft — 3 in. of the existing deck and parapet,
then placing the two new girders to support the widening. While traffic continued to use the
remaining portion of the existing bridge, the widening was constructed. Traffic was then switched
over to the newly constructed widening while the remaining portion of the original deck was
removed and replaced. See Figure 6.9 for more details on the construction sequencing. The plans
show that two traffic lanes were open during Stage 2 construction. No information was available

regarding whether both lanes remained open during casting and curing of the Stage 2 deck.
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Figure 6.9 - Bridge B-70-177 Deck Replacement and Widening Sequence (looking north)
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The 54” steel plate girders were modeled using linear-elastic, homogeneous shell elements.
These continuous girders use four different cross-sections along their length, and this was reflected
in the model. The girders were restrained in the vertical direction at both ends as well as at the
central pier. To prevent rigid body motions, each girder was also restrained at a single point against
translations in the horizontal directions.

Both the Stage 1 and Stage 2 decks were modeled using composite shell elements, which
included four layers of steel reinforcement. The decks and girders were connected together using
a tie constraint to prevent any relative displacement between the elements. The longitudinal
construction joint between the two deck stages was also constrained in this way. Steel cross braces
were modeled using link elements. The cross braces were connected to the girders using pinned
connections ensuring that they only experience axial forces. The parapet was modeled using solid
elements and was tied in place to the hardened deck. An image of the finite element model can be
seen in Figure 6.10.

Both lanes of the bridge were assumed to remain open during curing of the concrete deck,
with traffic traveling in the northbound direction. In the model, the truck from Figure 6.1 was again
moved across the bridge to determine the location that would produce maximum differential
deflections. This was performed for each of the two lanes and then the trucks were placed in both
lanes at the critical locations. The location of maximum differential deflection along the length of
the bridge was also noted. The AASHTO Bridge Design Specification (AASHTO 2012) specifies
a multiple presence factor of 1.00 for two loaded lanes, so no modification to the truck loading
was made. Once the critical loading position was determined, the model was run multiple times
while increasing the modulus of elasticity for the curing deck to analyze how differential

deflections change as the concrete hardens.
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Figure 6.10 - Top: isometric view of B-70-177 model. Bottom: concrete deck hidden to show
bridge framing
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6.4.2 Results
Displacements were calculated for all nodes in the finite element model. A typical

deflection field for this bridge is shown by the contour plot in Figure 6.11.

U, U2
+2.009e-01
+1.422e-01
+8.347e-02
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-2.688e-01
-3.275e-01
-3.862e-01
-4.449e-01
-5.036e-01

Figure 6.11 - Typical Contour plot of vertical displacement with both lanes loaded for B-70-177

The maximum differential deflection calculated from this model was 0.348 in. This
occurred when the curing deck has essentially no stiffness and both traffic lanes were loaded. As
before, the differential deflections decreased as the Stage 2 deck hardened and transferred more
load between girders. Figure 6.12 shows the deflected shape at the location of maximum
differential deflection computed by the finite element model using different moduli of elasticity
for the curing concrete deck. Solid vertical lines represent locations of girders and the dashed
vertical line shows the location of the longitudinal construction joint. The arrows represent where

the truck wheel loads are acting.
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Figure 6.12 — B-70-177 deflected cross section at different ages of the Stage 2 deck and both
lanes loaded.

The deflected shape of the bridge deck at the onset of curing, (solid blue line in Figure
6.12) is abnormal. In this case, the cross braces were the only mechanism transferring forces
between the girders. Thus, the deflected shape of the curing deck was mainly influenced by the
displacements and rotations of the girders to which it was attached. Additionally, the right end of
the cross section plotted in Figure 6.12 is in the region of the obtuse angle of the skewed bridge
deck, which adds to the complexity of the load distribution in this area of the deck. This deflected
shape was considered to be extreme because in practice the Stage 2 deck would have some stiffness
provided by the concrete formwork. To account for this, the model was rerun with additional
stiffness added to the Stage 2 deck in the form of shell reinforcement layers. This curve (dashed
blue line in Figure 6.12) is perhaps a more realistic representation of the deflected shape at the

onset of concrete curing. With this added stiffness, the maximum calculated differential deflection
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reduced considerably from 0.348 in. to 0.259 in. The dramatic difference between the two analyses
highlights how sensitive the relative girder deflections are to small changes in stiffness of the early-
age concrete deck.

Furthermore, Table 6.3 highlights the changing magnitude of differential deflections
between girders adjacent to the longitudinal construction joint as the Stage 2 deck hardens. The
reduction in differential deflection is larger than the previous two bridges, about 0.160 in. total, or
0.071 in. total if the first case is not considered. It is also worth noting that the adjacent span that
was not loaded experienced a maximum differential deflection of 0.0851 in., about 24.4% of that
in the loaded span. In this span, the girders deflect upward, with the girder on the hardened side of
the construction joint deflecting upwards more than the adjacent girder on the other side of the
construction joint.

Table 6.3 - B-70-177 differential deflections under various loading conditions

Concrete Concrete Concrete Differential Differential Differential
) . Modulus of . . .
‘ Curing Compressm.a Elasticity Deflectlon: Deflectlm:\ - Deflectlon_-
Time (days) Strength (ksi) strength (ksi) Both Lanes (in) Far Lane (in) Near Lane (in)
0 0.00 1 0.348 0.110 0.238
0 (w/ reinf.) 0.00 1 0.259 0.107 0.152
0.5 0.45 1223 0.203 0.094 0.108
1 0.82 1652 0.199 0.092 0.107
3 1.83 2459 0.194 0.089 0.105
7 2.80 3046 0.191 0.087 0.104
28 4.00 3640 0.188 0.085 0.103

Because this bridge had two traffic lanes open during staged construction, the effect of lane
closures could also be investigated. Table 6.3 shows the magnitudes of differential deflections
when just one of the traffic lanes is loaded. The “near” lane refers to the lane closest to the staged
construction joint and the “far” lane is the lane furthest from the construction joint. In the most
extreme case, the differential deflections reduced from 0.348 in. to 0.110 in. when the lane closest

to curing deck was closed to traffic, a reduction of 68.4%. When the truck was only loading the
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near lane, the differential deflection was reduced by 31.6%. This reduction becomes less
pronounced as the Stage 2 deck hardens, gains stiffness, and distributes load more evenly between
girders. Once the deck fully hardened, the differential deflections reduced from 0.188 in. to 0.085
in. when the lane closest to curing deck was closed to traffic, a smaller reduction of 54.8%.

6.5 Conclusions

The results from the numerical analysis of bridges B-16-136 and B-64-123 were consistent
with the findings from the field monitoring task. Magnitudes of differential deflections predicted
by the finite element models were very similar for both bridges. The reduction in deflection as the
Stage 2 deck hardened was also nearly identical. Field monitoring of these bridges showed minimal
differences between the differential deflection characteristics, and the results from the finite
element models confirm this.

Maximum differential deflections predicted by the finite element models were generally
slightly larger than those seen during field monitoring. The largest values, computed with a plastic
concrete deck (curing time of zero days), were larger than those measured in the field. This is
possibly because the instrumentation was not able to immediately be placed on the bridge and thus
the actual stiffness was likely larger. Similarly, the finite element model did not account for
stiffness of the formwork, which would help to reduce the measured differential displacements
slightly. Furthermore, the truck loading that was applied was considered to be an upper bound
loading. Because trucks producing this magnitude of deflection are not common, it is possible that
no truck of this size was recorded during the field monitoring.

The numerical analysis of bridge B-70-177 showed that considerably larger deflections
than those seen in the other two bridges are possible; the maximum differential deflection

computed in this bridge was over five times larger. While the two lanes of truck loading definitely
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contributed to this larger displacement, even when just the lane furthest from the staged
construction joint was loaded, the differential deflections were still considerably larger. The much
longer spans and steel plate girder configuration are possible factors in explaining why this is the
case. Further modeling of staged construction bridges with different span lengths and
configurations could possibly deliver conclusions on which parameter is more critical.

The results for bridge B-70-177 do show that closing traffic lanes closest to the staged
construction joint is an effective way to reduce the magnitudes of differential deflections. If a lane
closure can be afforded, this would likely be the preferred and most effective way of limiting the
influence of traffic on the curing concrete deck. If a full lane closure is not possible, requiring

heavier vehicles to move to the far lane would be the next best option.
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Chapter 7: Experimental Study of Longitudinal Construction Joints

The final task of this research was to perform a laboratory investigation of how traffic-
induced differential deflections during deck curing affect concrete-bar bond and integrity of the
longitudinal joint region. Tests were also conducted on joint samples to evaluate the effect on joint
leakage of treating the first-stage joint concrete with a concrete retarder.

Evaluation of the effect of traffic-induced vibrations on concrete-bar bond and integrity of
the longitudinal joint region was conducted through the testing of two large-scale bridge deck
specimens fabricated using a simulated staged construction process and subjected to differential
displacements of varying magnitudes during curing of the concrete cast in the second stage. Once
the concrete in the second stage had achieved its specified compressive strength, the specimens
were subjected to a four-point bending ultimate test to evaluate the strength of the bar splice
adjacent to the longitudinal joint. Instrumentation installed in the longitudinal construction joint
region and on the spliced reinforcing bars were used to evaluate the integrity of the joint region
and the quality of the bond in the spliced reinforcement.

Evaluation of the effect of applying a concrete retarder on joint leakage was conducted by
subjecting four pairs of joint samples to a water head and measuring the drop in head over time.
The joint surface for two pairs was treated with a concrete retarder, followed by water injection to
remove surface paste and expose course aggregate. Joint surface in the other two pairs was left
untreated. The effect of joint surface treatment on joint leakage was then evaluated by comparing

the rate of drop in water head for the specimens with and without joint surface treatment.
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7.1 Methodology (Simulated traffic-induced vibrations)

7.1.1 Experimental Overview

Two bridge deck specimens were constructed following a simulated staged construction
procedure. The specimens replicated a transverse strip of concrete bridge deck supported on girders
experiencing differential deflections. The construction and testing sequence for these specimens is
outlined in Figure 7.1. Construction occurred in two stages; the first stage was cast normally
without any disturbance, and the second stage was subjected to simulated traffic displacements
during curing. Once the Stage 1 segment of the specimen had fully hardened, it was attached to a
testing frame, with one end supported by a steel beam attached to the strong floor and the other
supported by an actuator for future application of the simulated traffic differential displacements.
Formwork for the Stage 2 segment, which was designed to be free to move, was attached to the
loading frame and the Stage 1 segment. Steel reinforcement for the Stage 2 segment was placed
and lap spliced with the bars protruding from the Stage 1 segment. The Stage 2 segment was then
cast adjoining to the first stage, and subjected to the displacements from the actuator during curing.
Once the Stage 2 concrete had reached the design strength, the formwork and supports were
removed and the entire specimen was shifted over so a four-point bending test could be performed
on the staged construction joint region.

The two specimens were subjected to different live traffic-induced deflection protocols
during curing of the Stage 2 segment. The displacements applied to Specimen 1 were
representative of those measured in the field, as well as those calculated in the finite element
modeling task of this research. Specimen 2 was subjected to displacements with the same shape

and frequency as those applied to Specimen 1, but scaled up by 2.5 times. Apart from the applied
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displacements during curing, the design and construction procedures for the two specimens were
identical.

The test specimens were designed to be as representative as possible of an actual bridge
deck. The dimensions, reinforcement, formwork, and applied displacements were all chosen based
on results and observations from actual staged bridge construction projects. Various instruments
were used to quantitatively monitor the performance of the staged construction specimens. These
included strain gauges, linear potentiometers, load cells, and an infrared-based position tracking
system. Concrete test cylinders were fabricated and tested for all segments to monitor the strength
gain at various key times. Tensile tests of the steel reinforcement were performed to determine the

actual stress-strain response of the specimen reinforcement.
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Figure 7.1 - Laboratory specimen construction and testing sequence
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7.1.2 Test Frame

The test specimens were fabricated and tested underneath a steel loading frame. The frame
consisted of two 13-in. deep built-up steel columns bolted to the laboratory strong floor and
connected near the top by a W18X86 steel beam. A 55-kip hydraulic actuator was suspended from
the middle of the beam. A photograph of a specimen underneath the loading frame can be seen in

Figure 7.2.

Figure 7.2 - Specimen in place underneath loadi
casting of Stage 2 portion.
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Plan and side views of the specimen reinforcement details and support/loading
configuration are shown in Figure 7.3. A cross section of the test specimens is shown in Figure 7.4.
The specimens spanned between four steel supporting beams (one connected to the actuator, plus
three bolted to the strong floor). The actuator support (Girder Line 2) represented the girder on the
hardened side of the staged construction closest to the longitudinal joint. These four supporting
beams were fabricated from 36-in. long steel W8X36 sections. There were three spans total, one
main span and two half spans. The staged construction joint was located in the main, middle span.
Eight feet separated the two supporting beams adjacent to the construction joint, representing a
full-scale girder spacing. Space constraints in the laboratory did not allow for three full spans
between girders, so two half spans were provided on either side of the main span to provide some
continuity. The support beams at the ends of the specimen (Girder Lines 1 and 5) were assumed to
be mid-span points.

7.1.3 Specimen Design

The concrete slab test specimens had total outside dimensions of 208-in. long, 36-in. wide,
and 8-in. deep. Specimens were cast in two stages; the first stage involved casting an 88.25-in.
segment isolated from any simulated traffic-induced displacements. After fully curing, the first
segment was then moved to the loading frame where the second, 119.75-in. long segment, was
cast. Given these dimensions, the specimen was symmetric about the center of the transverse
reinforcement lap splice.

Many of the specimen design details were modeled after those from bridge B-16-136
discussed in previous sections of this report. These include girder spacing, deck thickness, and
reinforcement details. The spacing between girders adjacent to the staged construction joint was

8.0 ft, which was the same as in bridge B-16-136. This spacing was also convenient because the
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anchor bolt spacing for the laboratory strong floor is 4.0 ft. The slab thickness was 8.0 in., which
was also the same as in the actual bridge.

Transverse reinforcement, which is perpendicular to the direction of traffic and typically in
the short direction in an actual bridge, was placed in the long direction of the test specimen.
Likewise, the longitudinal reinforcement, which is parallel to traffic and typically placed in the
long direction of an actual bridge, was placed in the short direction of the test specimen. To avoid
confusion, reinforcement will be referred to as transverse and longitudinal as it relates to an actual
bridge. For both the test specimens and for actual bridges, the transverse reinforcement crosses the
construction joint in the test specimen, while the longitudinal reinforcement runs parallel to the
construction joint.

All reinforcing bars were Grade 60 steel and epoxy coated to represent typical practice.
Transverse deck reinforcement for bridge B-16-136 and the test specimens consisted of #5 bars
top and bottom at 6.5-in. spacing. In the experimental layout, these transverse bars spanned along
the 208-in. length of the specimen. In the actual bridge deck, top and bottom transverse and
longitudinal reinforcing bars were offset from each other. Because of the relatively small 36-in.
width of the specimen, however, it was not possible to provide this offset to the transverse bars
and still maintain the same number of bars in the top and bottom layers in the test specimens.
Longitudinal reinforcement used in the test specimens consisted of #4 bars top and bottom at 8-in.
spacing, and spanned along the 36-in. width of the slab specimen. Given the length of the
specimens, these bars could be offset, as in bridge B-16-136. Clear cover was 1.5 in. and 2.5 in.
for the bottom and top reinforcement, respectively.

At the staged construction joint, transverse reinforcing bars extended from the Stage 1 deck

into the Stage 2 deck, and were lapped 30 in. (48 bar diameters) with the reinforcement from the
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Stage 2 deck. This lap splice length was common in the inspected deck-on-girder bridges discussed
in Chapter 4 of this report and it is what is recommended in AASHTO design standards (AASHTO
2012). A shear key was formed into the edge of the Stage 1 deck with a beveled 2x4, a detail that

was also commonly used in the inspected bridges.
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Figure 7.3 - Plan and side view of specimen reinforcement details
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Figure 7.4 - Specimen cross section
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Two different methods were used to connect the concrete specimen to the steel supporting
beams, as shown in Figure 7.3. The Stage 1 segment was cast with eight 1.25-in. diameter PVC
pipes embedded vertically in the deck, four at the end support (Girder Line 1) and four at the
actuator support (Girder Line 2). 1-in. diameter steel threaded rods were then passed through the
PVC pipes and used to bolt the hardened Stagel segment to the flanges of the supporting beams.
Before casting the Stage 2 portion, sixteen 0.5-in. diameter steel studs were bolted through holes
in the other two steel supporting beams (eight in each beam at Girder Lines 4 & 5). The stud head
protruded into the slab, serving the same function as headed shear studs in steel girder bridges.
After the Stage 2 deck was cast and hardened, the nuts were removed from the steel studs and the
deck could be lifted away from the supporting beams, allowing them to be reused.

All concrete used to cast the specimens was provided by a local ready-mix supplier. The
concrete used was a WisDOT Grade A-FA mix, the typical mix specified by WisDOT for bridge
decks. This mix has a design water-cement ratio of 0.40, maximum slump of 4 in., minimum 28-
day compressive strength of 4,000 psi, and 6.0% £1.5% air entrainment. All mixes were ordered
with a maximum aggregate size of 0.75 in.

7.1.4 Instrumentation

Several different instruments were used to collect data during testing of the specimens.
Among the most important of these instruments were strain gauges attached to the transverse steel
reinforcement embedded in the concrete specimen. Strain gauges were installed on both the top
and bottom layers of transverse steel in the splice region. Some gauges were also installed outside
of the splice region in the Stage 1 segment. To install the gauges, first the surface of the rebar was

ground down, sanded smooth and cleaned. The strain gauge was then adhered to the bare steel and
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covered in several layers of watertight coatings to protect it against damage from being cast in
concrete. The locations of the strain gauges can be seen in Figures 7.5 and 7.6.

The 55-kip hydraulic actuator was equipped with a load cell and an LVDT to measure the
actuator displacement and load. During the application of the simulated traffic displacements,
LVDTs and string potentiometers were placed underneath the specimen to measure absolute
displacement of the specimen at two different locations, as shown in Figure 7.5. The actuator
displacement and the absolute specimen displacement were compared to ensure that displacements

commanded to the actuator were correctly applied to the specimen.
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Figure 7.5 — Plan and profile view of instrumentation locations
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Figure 7.6 - Strain gauge locations within splice of longitudinal reinforcement

Another tool used throughout testing of the bridge deck specimens was an Optotrak Certus
HD® tracking system. This optical camera can track position of special markers in three
dimensions with excellent precision and accuracy. During the Stage 2 bridge pour, a grid of
markers was attached to the specimen to track the displacement along the length of the specimen
through time. A similar grid was also used during the ultimate test of the specimen to track the
displacements and deflected shape of the specimen throughout the test. These marker grids for the

Stage 2 deck pour and the ultimate test are shown in Figures 7.7 and 7.8, respectively.
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Figure 7.7 - Optotrak® marker layout for Stage 2 deck pour with simulated traffic loading
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Figure 7.8 - Optotrak® marker layout for ultimate flexural strength test. Note that the outside 3
rows of markers on each side were only present in Specimen 2.

7.1.5 Formwork Design

Because the displacements were applied to the curing concrete specimen, special
consideration was given to the design of the concrete formwork that experienced the same
displacement. During field monitoring of staged construction bridges, notes were made of the
formwork system. For the two deck-on-girder bridges discussed in Chapter 5, support for the Stage
2 slab as it cured was provided by plywood resting on wood beams supported by the girders or the
hardened deck. In the case of bridge B-16-136, the wood beams were supported on both ends by
the girders adjacent to the staged construction joint. In the case of bridge B-64-123, it was observed
that the wood beams were supported by the girder on the Stage 2 side of the construction joint and
by rods drilled through the Stage 1 hardened deck near the construction joint, as seen in Figure 7.9.

The formwork for the laboratory specimens used a similar support system to bridge B-64-123.
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Figure 7.9 - Formwork system as seen in staged construction of bridge B-64-123. Wood beams
are supported by top flange of left girder and rods are drilled through Stage 1 hardened deck on
right side.

Support for the curing concrete in the laboratory specimens was provided by 0.75-in. thick
plywood resting on 2x6 wood beams. In the span containing the longitudinal joint, the beams were
supported at one end by steel rods passing through the hardened Stage 1 slab, and at the other end
by rods screwed into nuts that were welded to the underside of the top flange of the supporting
steel beams. In the adjacent half span, the wood beams were supported on both ends by rods
screwed into nuts welded to the steel support beams. With this formwork system, the weight of the
curing concrete deck was supported completely by the supporting beams and the Stage 1 slab. The
curing portion of the specimen was then free to deflect as it would in an actual bridge. Figure 7.10
shows a sketch of the formwork supporting system, and photographs are shown in Figure 7.11 and

Figure 7.12.
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Figure 7.11 - Wood supporing beams in place before plywood is placed on top.

Figure 7.10 - Plan and profile view of formwork system supporting the Stage 2 segment.
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Figure 7.12 - Formwork supporting system connections. Left: steel rod passing through

hardened slab. Right: steel rod threaded into nut welded to steel supporting beam.

7.1.6 Stage 2 Bridge Deck Pour with Simulated Traffic Loading

Once the Stage 1 segment of the specimen was cast and attached to the loading frame, and
the formwork and reinforcement for the Stage 2 segment was in place, the Stage 2 deck pour
commenced. After the Stage 2 deck was poured, consolidated, and finished, the traffic
displacement protocol described below was initiated. The specimen was covered with wet burlap
during the curing period, observed as typical practice in the field. The burlap was used to moist
cure the specimen for approximately 5 days.

While the displacement cycles were being applied, data were collected from the strain
gauges, actuator load cell, actuator LVDT, specimen LVDTs, and the infrared-based position
tracking system (Optotrak Certus HD®). The displacement cycles were started approximately 1 hr
after the Stage 2 deck pour commenced and immediately after the pour was completed. The cycles
were applied continuously for 12 hours before being ceased, corresponding to a time frame from

1 hr to 13 hrs after the start of the Stage 2 pour. The displacement cycles were restarted
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approximately 24 hrs after casting and ran for 1 hr. It was assumed that any damage to the fresh
concrete had already occurred by the end of the restarted cycling, and therefore loading was not
continued as the Stage 2 deck gained sufficient strength past the reapplication of loading at 24
hours.
7.1.6.1  Traffic Displacement Protocol

The simulated traffic displacement protocol consisted of a series of displacement pulses
applied to the Stage 1 portion of the specimen every 20 seconds. These pulses, which are equivalent
to differential deflections between girders, included a larger magnitude pulse and a smaller
magnitude pulse. The larger pulse had a magnitude 2.5 times that of the smaller pulse, and occurred
once every 12 pulses. After the larger pulse, the smaller pulse was repeated 11 times, with a 20
second delay between the start of each. The delay time between pulses was chosen to result in a
total number of cycles representing expected large-vehicle events on a moderately busy highway
bridge with one lane open during staged construction. Refer to Figure 7.13 for a typical segment

of the applied displacement history.
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Figure 7.13 - A typical segment of the applied traffic displacements.
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The shape of the pulses was similar to a sine wave, except that the magnitudes of the
positive and negative displacements were not equal. Upward (positive) displacement would occur
in a multi-span bridge from traffic traveling on adjacent spans. The magnitude of the positive
displacement was selected to be 40% of the negative (downward) displacement based on results
from the field monitoring and numerical analysis tasks. The cyclic displacements were applied at
a frequency of 0.83 Hz. The duration of the pulse loading was calculated based on a vehicle
traveling at 55 mph over a bridge with a typical main span length of 65 ft. Higher frequency
vibrations caused by traffic were not used in the displacement protocol as no significant, especially
detrimental, effect of traffic-induced high frequency vibrations was expected. Frequencies of up
to 6 Hz were determined to be insignificant in causing damage to fresh concrete by previous
researchers (Furr and Fouad, 1981; Swenty and Graybeal, 2012). Also, these vibration frequencies
represent only a small percentage of the frequencies of most internal and rotary form concrete
vibrators (between 100 and 200 Hz). Further, as discussed in Section 5.1.3 regarding the evaluation
methodology for the field monitoring data, acceleration records were low-pass filtered at 30 Hz;
other than removing high-frequency noise, the measured response was not significantly changed
by this filtering, indicating that high frequencies may not play a significant role in longitudinal
joint differential movement.

The magnitudes of the applied simulated traffic-induced displacements were the main
difference between the two test specimens. The first specimen was subjected to a large pulse
magnitude of +0.02/-0.05 in. and a small pulse magnitude of +0.008/-0.02 in. These magnitudes
were selected considering results from the field monitoring and numerical analysis of bridges B-
16-136 and B-64-123. The largest downward displacement of 0.05 in. was similar to that calculated

for the finite element models and was considered to be an upper bound of a reasonable
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displacement. The smaller downward displacement of 0.02 in. was similar to the average expected
displacement calculated from the field monitoring of these two bridges. Thus, this loading scenario
should be representative of the largest expected vehicle crossing the bridge every four minutes and
an average heavy vehicle crossing the bridge every 20 seconds in between.

Specimen 2 was subjected to these same pulses scaled up by a factor of 2.5, with the large
pulse magnitude being +0.05/-0.125 in. and the small pulse magnitude being +0.02/-0.05 in. While
this magnitude of displacement was considered to be extreme, results from the finite element
model of bridge B-70-177 and previous research (Furr and Fouad 1981) show that in certain
situations it is possible to see differential deflections this large.

Consideration was given to how the deflected shape of the specimen during the Stage 2
deck pour simulation compared with the deflected shape of actual bridges subjected to traffic loads
during staged construction. Ideally the deflected shape of the specimen during curing of the Stage
2 deck would be as realistic as possible. Figure 7.14 shows how the deflected shape of the
laboratory specimens compares with that of an actual bridge during curing of the Stage 2 deck.
Girders are depicted by solid vertical lines, and the longitudinal construction joint is depicted by
the dashed vertical line. In this figure, position values greater than 112 in. correspond with the
hardened Stage 1 deck, and values less than 112 in. correspond with the curing Stage 2 deck. The

double-sided arrow shows where the hydraulic actuator applied displacements to the specimen.
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Figure 7.14 — Comparison of deflected shapes for the laboratory specimens and bridge B-16-136
during curing of the Stage 2 deck.

Figure 7.14 shows that the deflected shapes of the Stage 2 decks are similar, but the
specimens were subjected to larger rotations than the actual bridge. The specimen was also
supported at the end of the Stage 1 segment (X = 192 in.), where the actual bridge displaced
downwards due to the applied truck loading (not shown). Furthermore, the specimen experienced
considerably higher rotation demands at the longitudinal construction joint during curing of the
Stage 2 segment.

7.1.7 Ultimate Strength Test

After the specimen had been subjected to the simulated traffic-induced displacements
during curing of the Stage 2 portion, an ultimate flexural strength test was performed to evaluate
the concrete-bar bond in the splice region along the longitudinal joint. Once the concrete in the
Stage 2 segment reached the specified compressive strength, the formwork and steel supporting
beams were removed, and the whole specimen was shifted over to be centered with the loading
frame. The specimen was positioned such that the centerline of the spliced transverse bars was

directly underneath the actuator.
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The specimen was tested in flexure through the four-point bending configuration seen in
Figure 7.15. In this arrangement, the middle 55 in. of the specimen was subjected to constant
moment and no shear forces (neglecting the effect of deck self-weight). This region encompasses
the entire lap splice and thus allowed the stresses in the spliced reinforcement to be analyzed
independent of moment.

The specimens were loaded until failure, which in both cases occurred through crushing of
the concrete compression zone at the end of the spliced reinforcement. An error resulted in the two
specimens being tested using different loading protocols. The first specimen was tested using load
control and a loading rate of 2000 lbs per minute, and the second specimen was tested using
displacement control at a rate of 0.10 in. per minute. This change did not affect the response of the
specimen up to peak load, however; thus, direct comparison of the results from the two specimens

could still be made up to this point.

_i—_ . 146”. S—— __I_

Figure 7.15 - Ultimate test four-point bending configuration.

7.1.8 Material Testing
7.1.8.1  Cylindrical Concrete Specimens
Cylindrical concrete test specimens were cast for all stages of both specimens to determine
concrete compressive strengths. All compressive strength specimens were 6-in. by 12-in. cylinders

cast in accordance with ASTM C31 — Standard Practice for Making and Curing Concrete Test
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Specimens in the Field. All cylinders were cured in the same location and under the same
temperature and humidity conditions as the test specimens. The concrete cylinders were not
subjected to any vibrations or displacements during curing.

Nine compressive strength specimens were cast for the Stage 1 portions so the in-place
compressive strength could be estimated at three different times: the 28-day strength, strength
during the Stage 2 pour, and concrete strength during the ultimate strength test. The average
strength of three cylinders was used to determine the cylinder compressive strength at each time.
Twenty-four compressive strength specimens were cast for the Stage 2 portion. These specimens
allowed for the estimation of the compressive strength after curing for 12 hours, 1 day, 3 days, 7
days, 14 days, 21 days, 28 days, and at the time of the ultimate strength test. Because the ultimate
tests were intended to be performed when the Stage 2 portion of the specimen reached a certain
strength, regular testing of early-age concrete cylinders was required to monitor the strength gain.
The compressive strength at a particular time was taken to be the average strength of three concrete
cylinders. If a single specimen had an unreasonably low maximum strength and there was reason
to believe it may have been damaged during curing or improperly tested, that result was omitted
from the average. Compressive strengths for all cylinders associated with Specimen 1 and
Specimen 2 are presented in Table 7.1 and Table 7.2, respectively. Omitted results are shown as
struck out.

The compressive strength of all cylindrical concrete specimens was determined in
accordance with ASTM C39 — Standard Test Method for Compressive Strength of Cylindrical
Concrete Specimens. Before compression testing, a sulfur mortar was used to cap the ends of all
cylinders in accordance with ASTM C617 — Standard Practice for Capping Cylindrical Concrete

Specimens.
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Table 7.1 - Specimen 1 concrete cylinder compressive strengths.
Note: Struek-eut values are omitted from average.

Specimen

Stage

Age
(days)

Corresponding
Test

Slump (in)

Air Content
(%)

Cylinder

Compressive
Strength (psi)

Average
Strength (psi)

28

63

Stage 2 Pour

71

Ultimate
Strength

2.25

6.0

7040

6860

8210

7370

8190

8020

7790

8000

8740

8710

9060

8840

0.5

Traffic
Displacements
Stopped

Ultimate
Strength

28

4.00

3.5

870

870

770

840

2360

2530

2550

2480

4010

4380

4160

4180

5780

5540

2620

5660

5930

5840

5810

5860

6550

5970

WIN P |WIN|IRPIWIN|IRPIWINIRPIWINIPIWINIPIWINIRPWIN[FRP | WIN |-

6460

6330




Table 7.2 - Specimen 2 concrete cylinder compressive strengths.
Note: Struek-eut values are omitted from average.
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Specimen

Stage

Age
(days)

Corresponding
Test

Slump (in)

Air Content
(%)

Cylinder

Compressive
Strength (psi)

Average
Strength (psi)

28

91

Stage 2 Pour

98

Ultimate
Strength

4.00

3.5

6550

5970

6460

6330

6430

6400

6790

6540

5880

6730

5490

6010

6470

6210

6130

0.5

Traffic
Displacements
Stopped

Ultimate
Strength

14

28

1.75

5.0

1060

1140

1140

1110

2040

1910

2130

2030

3970

4370

4290

4210

5320

5380

5730

5480

6250

6490

5980

6240

4350

6220

6360

6290

28

0.25

5.0

8490

8420

WIN|IPWINIFRP|WIN|IRPWIN|IRP|WINPWIN|IRPWIN IRV IWINIFPIWIN|FER|WIN |-

4880
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7.1.8.2  Steel Reinforcement Test Bars

To correlate the data from the bar strain gauges with forces in the bars, tensile tests were
performed on samples taken from the same mills. All steel reinforcement was ordered from the
same supplier in two different batches. Each batch was accompanied with six 24-in. long tensile
test bars of the same diameter and from the same steel mill as the reinforcement used in the test
specimens. All tensile testing of deformed steel reinforcing bars was performed in accordance with
ASTM A370 — Standard Test Methods and Definitions for Mechanical Testing of Steel Products.
The Optotrak Certus HD® tracking system was used to measure displacements and calculate
strains in the bars via four markers glued directly to the bar.

After analyzing the stress-strain response of the test reinforcement, a model was fit to the
results that could then be used to calculate stress in the bars from the recorded strain data. This
model divides the stress-strain response into four regions. The stress in the steel bar is defined by

Equations 4-7 .

Region 1 — Linear Elastic Response: & < ¢,

fo = Es* & (4)

Region 2 — Yield Plateau: & S & < &g

fs = fy
(5)
Region 3 — Strain Hardening (Parabolic): & < & < &
_ _ 2
o= b G ) [ 22 (22 ©

Region 4 — Constant Stress until Fracture: &g, < & < &4

fs = fou (7)
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where:

& = strain in steel
g, = yield strain
&y = strain at beginning of strain hardening

&sm = strain at end of strain hardening = &g, + 2 * (f—su_fy)

Esh
&g, = ultimate (fracture) strain

fs = stress in steel

fy = yield stress

fsu = ultimate stress

E; = elastic modulus
E,, = tangent modulus at initiation of strain hardening

For each batch of steel reinforcement, the tensile stress-strain responses of six test bars was

plotted and then the stress-strain model was fitted to the data by varying the previously defined

parameters. Plots of the stress-strain responses for both batches of steel reinforcement and the

fitted stress-strain model are given in Figure 7.16 and Figure 7.17.
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Figure 7.16 - Stress-strain response of Batch 1 #5 test bars.
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Figure 7.17 - Stress-strain response of Batch 2 #5 test bars.

The results from the reinforcement tension tests were very consistent among individual
bars and between batches as well. Thus, the same fitted model was used for both batches. The
parameters used in modeling the stress strain response are as follows:

fy = 81ksi
E, = 28,200 ksi
£, = Z—y = 0.0029

y N

e, = 0.016
£sm = 0.073
Es, = 700 ksi
€5, = 0.13
fu = 101 ksi

7.2 Specimen 1 Test
7.2.1 Description
The main difference between the two tests was the amplitude of simulated traffic-induced
displacements applied during the Stage 2 deck pour simulation. Specimen 1 utilized the first

displacement protocol, with maximum downwards displacement of 0.05 in. applied every four
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minutes and smaller downwards displacements of 0.02 in. applied intermittently every 20 seconds.
These simulated traffic-induced displacements were run for 12 hours after casting of the specimen
before being terminated. The displacement protocol was restarted approximately 24 hours after
casting of the Stage 2 deck, and lasted for about one hour.

Eight days after the Stage 2 deck pour, the Stage 2 concrete had surpassed the specified
strength of 4000 psi and the ultimate strength test was performed. For this test, the actuator was
programmed to use load control with a loading rate of 2000 pounds of compression per minute.
The specimen eventually experienced a compression failure of the concrete at the termination of
the lap splice in the Stage 2 segment.

7.2.2 Results

Immediately after the casting of the Stage 2 segment and subsequent simulated traffic-
induced displacements, there was little evidence to suggest that the integrity of the specimen had
become considerably degraded due to the applied loading during curing. Visual inspection of the
specimen after curing of Stage 2 revealed a single hairline crack in the top of the Stage 2 segment
directly above steel support beam closest to the construction joint (Figure 7.3, Girder Line 4). The
crack was parallel to the support beam and was determined to be a flexural crack due to the applied
displacements during curing. A crack would be most likely to form at this location because the
applied displacement induced maximum negative moment over this support. While the concrete
was still fresh, it had practically no tensile strength. As it began to harden the tensile strength
increased, but as soon as the concrete developed any amount of tensile strength, the applied
displacement led to cracking at this location. No other damage was visible in the specimen after

the Stage 2 pour.
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Before performing the ultimate strength test, it was crucial to ensure that the concrete in
the Stage 2 portion of the specimen had sufficient compressive strength. Throughout the laboratory
experimentation, the concrete was observed to gain strength rapidly and had a 28-day compressive
strength considerably larger than the specified design strength of 4000 psi. For example, the
concrete used for the Stage 2 pour in Specimen 1 reached an average strength of 4180 psi after 3
days, and had a 28-day compressive strength of 6330 psi. Because concrete with this strength
cannot always be expected in real bridge projects, the ultimate strength tests were performed earlier,
when the concrete compressive strength was closer to 4000 psi. The ultimate test for Specimen 1
was performed 8 days after casting the Stage 2 portion, when the accompanying concrete cylinders
had an average strength of 5860 psi.

The ultimate strength test allowed for the evaluation of the flexural strength in the
construction joint region. If the simulated traffic-induced displacements cause degradation of the
bar bond or the longitudinal joint to take place, then a flexural test would make this apparent. The
ultimate test load-displacement response for Specimen 1 is shown in Figure 7.18. The peak load
for this specimen was 41.3 kips, which corresponds to an ultimate moment capacity of 939 kip-in.
(excluding the moment caused by the specimen self weight). The specimen eventually failed in
compression, which in itself is a sign that the concrete-bar bond did not govern the strength of the
specimen. Splitting cracks and subsequent crushing and spalling of the concrete occurred in the
compression zone at a location directly above the termination of the bars extending from Stage 1
into the Stage 2 portion (see Figure 7.19). A failure was expected in either this location or at the
other end of the lap splice right at the longitudinal joint given the fact that the termination of bars
introduces a stress concentration and makes these two sections more susceptible to damage

localization.
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Figure 7.18 - Actuator load versus specimen mid-span displacement response for the ultimate
test of Specimen 1.
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Figure 7.19 — Flexural-compression failure of Specimen 1 at the termination of the transverse
reinforcement extending from Stage 1 into Stage 2.
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Using the strain data collected during the ultimate test and the steel bar stress-strain model
outlined in Section 7.1.8.2, stresses in the steel rebars were calculated at the strain gauge locations
throughout the duration of the test. However, because of the presence of initial strains in the
reinforcement prior to the tests, the yield point was determined from the applied load versus strain
response of each instrumented bar and the stress-strain model adjusted accordingly. Average bond

stress between location of strain gauges was calculated using Equation 8.

Af dy,
Havg = "L (8)

where:

Uavg = average bond stress

Af; = change in stress over segment where average bond stress is being calculated
dp = bar diameter
L = length of segment

This expression is equivalent to dividing the change in force along the segment where
average bond stress is being calculated by the surface area of that bar segment. The stress in each
spliced bar that was strain gauged is known at three points: The strain gauge at the continuous end
of the splice, the strain gauge near the middle of the spliced bar, and at the end of the bar where
the stress is known to be zero. The average bond stress in a spliced bar can be calculated over the
three segments shown in Figure 7.20: Segment 1, which extends from the end of the bar to the
middle of the splice; Segment 2, extending from the middle of the bar to the continuous end of the
splice; and the Full Splice segment, which covers the entire splice from the continuous end of the
splice to the end of the bar. This was done for all eight spliced bars that were instrumented (four

spliced bars were instrumented in both the bottom and top layers of transverse reinforcement).
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Figure 7.20 - Segments for which average bond stress is calculated

Average bond stress versus specimen mid-span displacement responses for the two spliced
#5 bottom bars are shown in Figure 7.21 and Figure 7.22. The plotted deflection was calculated
using the infrared markers at mid-span and is relative to the initial displacement after application
of a small nominal load; therefore, the plotted zero deflection corresponds to a nonzero load and
bond stress. The dashed lines depict the point at which the strain gauge at the continuous end of
the splice was determined to reach the bar yield strain.

Prior to yielding, bond stresses in the bars extending from Stage 1 increased almost
linearly with deflection and load, with a nearly uniform average bond stress over the splice length.
The instrumented bars extending from Stage 2, however, showed lower bond stresses over
Segment 2. It should be noted that strain gauge measurements are sensitive to the strain gauge
location relative to the closest cracks, which is particularly important at early stages of the test. At
the initiation of yielding, bond stress was evenly distributed throughout the length of the splice.
After yielding, Segment 2 of the splice experienced a reduction in bond stress because of the
decrease in the change in force over that segment. This was compensated by an increase of bond

stress in Segment 1 as the bar force at mid-length of the splice increased. Yielding was observed
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in all instrumented bars, indicating that the concrete-bar bond was sufficient to develop the yield
strength of the reinforcing steel.

Average bond stress versus applied moment is plotted in Figure 7.23 and Figure 7.24 for
the same two #5 bottom bars that were spliced together. Note that the applied moment is only that
corresponding to the applied loading by the actuator and thus, it does not include the moment due
to self-weight of the specimen. Again, the dashed lines depict the point at which the strain gauge
at the continuous end of the splice was determined to reach the bar yield strain.

Yielding of the Stage 1 and Stage 2 spliced transverse bars occurred at moments of
approximately 600 k-in. and 540 k-in., respectively. Once these bars began yielding and the strain
was within the range of the yield plateau, the stress (and force) of these bars at the ends of the
splice remained constant, while the applied moment continued to increase. These two observations
indicate that the five transverse bars did not yield simultaneously. It is also likely that while some

bars had already begun strain hardening, others were still strained within the yield plateau.



131

800 -

700

/ Initiation
of yielding

i et PSR A

600

o
=
o

A P ekt St e g e e

e

Average Bond Stress (psi)
(] £
(=] =1
(=] (=]

200

Segment 1
Segment 2
|=——Full Splice
|--- Yield Point

100

0 0.5 1 1.5 2 25 3 3.5
Specimen Deflection (in)

Figure 7.21 - Specimen 1 average bond stress versus specimen displacement for spliced Stage 1
bottom transverse reinforcement.
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Figure 7.23 - Specimen 1 average bond stress versus applied moment for spliced Stage 1 bottom
transverse reinforcement.
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The maximum average bond stress during the ultimate test for the four instrumented
transverse bars in the bottom layer of reinforcement is tabulated in Table 7.3. The values of
maximum average bond stress for the different splice segments are reasonably consistent
throughout all spliced bars. Note that the average bond stress that corresponds to developing a
yield stress of 81 ksi over a length of 27.75 in. (the length from the gauge at the continuous end of
the splice to the end of the bar) in a #5 bar is 456 psi. In all bars, the maximum bond stress over
the full splice segment was greater than 456 psi, meaning that all spliced bars began strain
hardening before the specimen ultimately failed in flexural compression.

Table 7.3 — Specimen 1 maximum average bond stress of spliced transverse bottom bars

Stage1-Bar1l Stage 2 -Bar1 Stage 1 -Bar 2 Stage 2 —Bar 2
Segment 1 * 774 psi 630 psi 791 psi
Segment 2 * 468 psi 494 psi 427 psi
Full Splice 531 psi 544 psi 537 psi 560 psi

*Damaged gauge

For single bars smaller than #11, Section 5.11.2.1 of the AASHTO LRFD code (AASHTO

2012) requires the tension development length to be calculated from Equation 9 below.

lg =220 > 0.44,f, (9)
fe

where:

l; = bar development length

fy = bar yield stress (ksi)

A, = area of bar

d, = diameter of bar

f'c = concrete compressive strength (ksi)

For epoxy coated bars with cover less than three bar diameters, which was the case for the
bottom layer of transverse reinforcement, the development length should be multiplied by 1.5. The

development length for lap splices must be further multiplied by a factor depending on the
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classification of the splice. All staged construction projects with spliced transverse bars
encountered during this research required 100% of the transverse bars to be lapped at the staged
construction joint, which means the splice is either Class B or Class C. If the ratio of area of steel
provided to area of steel required is greater than two, the splice is Class B. If not, the splice is Class
C. The development for a class B lap splice is multiplied by 1.3, and for a class C splice is
multiplied by 1.7. It is therefore conservative to use Class C splices.

For a #5 bar, nominal bar yield strength of 60 ksi, and a concrete specified strength of 4000
psi, the required splice length is 29.6 in. for a Class C splice. A 30-in. long lap splice was provided
in both specimens. The specimen ultimately failed in flexural compression and, as mentioned
above, a stress difference greater than the yield strength of 81 ksi developed in all spliced bars. It
was therefore concluded that a Class C lap splice (30-in. long, 48 bar diameters) was sufficient for
the specimen to develop its flexural capacity, even when subjected to the first displacement
protocol during curing.

Specimen displacements were recorded using data from the Optotrak® tracking system.
The marker grid shown in Figure 7.8 allowed the deflected shape and curvatures of the specimen
lap splice region to be calculated throughout the test. The deflected shape was plotted at increasing
levels of moment throughout the ultimate strength test, as seen in Figure 7.25. At higher levels of
moment, points of localized rotation become visible. The most pronounced point (at a marker
position of approximately 36 in.) coincided with the location of the construction joint. Localized
rotation was also seen, although to a lesser degree, at a marker position of 4 in., which corresponds

to the location of the termination of the Stage 1 transverse reinforcement.



135

—100 k-in
- 200 k-in
300 k-in
i | —— ——400 k-in
S T - | —500kin
600 k-in
= 700 k-in
——800 k-in
e —— .  —|—900k-in
= 939 k-in (Ultimate)
’E’-? 5 —340 k-in (Service)
S -
E = I
° 2r
o
25
=3 =
35 | I I L | | | |
0 5 10 15 20 25 30 35 40 45

Marker Position (in)

Figure 7.25 - Specimen 1 deflected shape plotted at different levels of moment throughout the
ultimate test.

The Optotrak® markers were also used to calculate curvatures in the lap splice region. To
calculate the curvatures, the top and bottom rows of markers were first used to calculate average
strains near the top and bottom of the section. Then, the curvature was taken to be equal to the
slope of the strain profile. Curvatures along the lap splice region are plotted at different levels of
moment in Figure 7.26. Again, there are two distinct locations with localized curvatures. The
largest average curvatures were concentrated at the construction joint, coinciding with the marker
strip positioned at 34 in. The marker strip positioned at 6 in. encompassed the region where the
Stage 1 transverse bars terminate. This distribution shows that the curvature in the lap splice region
was almost completely localized at the two ends of the splice. The specimen appeared to develop
hinges at the weakest sections (i.e. where the spliced reinforcement terminated). At larger moments,
curvatures at the splice end near the construction joint were approximately 1.5 times that at the

other end of the splice. Below 400 k-in the curvatures at the two ends were essentially equal.
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To determine if these localized rotations could potentially result in localized damage over
the life of the bridge deck, the deflected shape and curvature distribution in the lap splice region
were analyzed under service conditions. It was assumed that a service load would correspond with
a maximum stress in the steel reinforcement of 0.6fy, or 36 ksi based on the nominal yield strength
of 60 ksi. During the ultimate test of Specimen 1, a stress of 36 ksi was reached at the continuous
end of the spliced bars at a moment of approximately 340 k-in. The deflected shape and curvature
distribution under this assumed service load is represented by the thick red line plotted in Figure
7.25 and Figure 7.26, respectively. These figures show that under a representative service load, the
points of localized rotation and curvature are not well defined. Figure 7.26 shows that under service
conditions, the curvature is nearly uniform in the lap splice region and localized curvatures at the
ends of the splice are barely visible. Therefore, repeated cycles of deformation large enough to
produce localized damage at the ends of the lap splice are unlikely to occur under normal service

conditions.
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Figure 7.26 - Specimen 1 curvatures at different levels of moment throughout the ultimate test.

Cracks were mapped at the conclusion of the ultimate test showing where damage and
cracks were localized in the specimen (Figure 7.27). The specimen ultimately failed in
compression at the termination of the Stage 1 transverse bars. Two large cracks formed at this
location. The other major crack occurred at the longitudinal construction joint. The joint opened
up considerably and a diagonal crack extended from the shear key. Comparing the crack map to
the specimen curvatures in Figure 7.26, the two points of localized curvature coincide with the
largest cracks in the specimen, as expected. This increase in curvature at the ends of the splice
becomes pronounced at loads that are much less than ultimate. It is possible that over time, repeated
cycles of extremely heavy vehicles may produce sufficiently large rotations and curvatures to

degrade the longitudinal construction joint region before the rest of the deck.
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Figure 7.27 - Crack map for Specimen 1 ultimate flexural test.

In summary, because the specimen experienced a flexure-compression failure after
substantial yielding of the reinforcement, the provided development length of 48 bar diameters
was adequate, even though the measured yield stress of the reinforcement was 81 ksi. It may thus
be concluded that the concrete-bar bond was not affected sufficiently (if at all) to reduce the
flexural capacity of the section. Because results were not compared with those from an identical
specimen constructed while isolated from displacements during concrete, it is impossible to say if
the concrete-bar bond was completely unaffected. Localized rotations were observed at the ends
of the spliced reinforcement, with the largest rotations occurring at the construction joint. Over
time, it is possible that this could lead to degradation of the construction joint, although it is
believed that such large deformation demands are unlikely during the life of the structure. The only
defect that was definitively caused by displacements during curing was the hairline flexural crack
above the steel support beam. Apart from this, the overall structural integrity of Specimen 1 was
unaffected by the applied displacement protocol during curing of the Stage 2 deck.

7.3 Specimen 2 Test

7.3.1 Description

The second specimen incorporated all of the same details as the first specimen, and was
constructed in exactly the same way. The main difference with Specimen 1 was the amplitude of

simulated traffic-induced displacements applied during the Stage 2 deck pour simulation.
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Specimen 2 utilized the second displacement protocol, with maximum downwards displacement
of 0.125 in. applied every four minutes and smaller downwards displacements of 0.05 in. applied
intermittently every 20 seconds. These displacements were run for 12 hours after casting of the
specimen. The displacement protocol was restarted approximately 24 hours after casting of the
Stage 2 deck, and lasted for about one hour.

Seven days after the Stage 2 deck pour, the concrete had surpassed the specified strength
of 4000 psi and the ultimate strength test was performed. For this test, the actuator was
programmed to use displacement control at a rate of 0.1 in. downward displacement per minute.
Specimen 2 also eventually experienced a flexure-compression failure of the concrete, though the
failure was located at the termination of the lap splice next to the staged construction joint, instead
of at the end of the splice away from the construction joint.

While transferring the specimen from the Stage 2 casting position to the ultimate testing
position, a laboratory mishap led to one of the steel bolt shear connectors (located at Girder Line
4 in Figure 7.3) being pulled out of the concrete, leaving a sizeable void in the bottom of the
specimen. This defect was centered 35 in. away from the end of the lap splice region, far enough
that it was assumed to have no impact on the concrete in the longitudinal joint region. To ensure
that this did not compromise the overall strength of the specimen, the void was filled with high
strength grout as seen in Figure 7.28. At the time of the ultimate test, the strength of the grout was
7910 psi, which was considerably larger than that of the surrounding concrete. After the ultimate
test, the repair area was inspected for any damage. None was found, so it was believed that this

repair did not affect the overall behavior of the specimen.
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Figure 7.28 - High strength grout repair patc"h_ where a shear connector had accidentally been
pulled from the underside of the specimen.

7.3.2 Results

Visual inspection of the specimen after curing revealed a single hairline crack at the top of
the Stage 2 segment. This crack was in the exact same location as the one seen in Specimen 1,
directly above the steel support beam closest to the construction joint (Figure 7.3, Girder Line 4).
The crack, shown in Figure 7.29, was again determined to be a flexural crack from negative
bending over this support during curing of the concrete. No other damage was visible in the

specimen after the Stage 2 pour.
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Figure 7.29 - Flexural crack resulting from deflections applied during curing of Stage 2 segment.

Specimen 2 also utilized concrete that had a 28-day compressive strength considerably
larger than the specified strength of 4000 psi. The concrete used in the Stage 1 portion of this
specimen was from the same batch as the concrete used in Stage 2 portion of Specimen 1, and had
an average compressive strength of 6540 psi the day of the Stage 2 pour for Specimen 2. Concrete
used for the Stage 2 pour in Specimen 2 reached an average strength of 4210 psi after 3 days, and
had a 28-day compressive strength of 6290 psi. The strength gain of the concrete was monitored
so that the ultimate test could be conducted when the compressive strength of the Stage 2 concrete

was similar to that for Specimen 1. The ultimate test for Specimen 2 was performed seven days
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after casting of the Stage 2 portion, when the accompanying concrete cylinders had an average
strength of approximately 5480 psi.

The ultimate test load-displacement response for Specimen 2 is shown in Figure 7.30. The
peak load for this specimen was 42.1 kips, which corresponds to an ultimate moment capacity of
958 kip-in. (excluding the moment due to the specimen self weight). This peak load was slightly
larger than that of Specimen 1, even though the applied displacements during curing were more
severe. The specimen eventually failed in flexure-compression after substantial flexural yielding,
which again is a sign that the bar splices behaved adequately. The compressed concrete split apart
at a location directly above the termination of the Stage 2 bars at the staged construction joint (see

Figure 7.31).
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Figure 7.30 - Actuator load versus specimen mid-span deflection response for ultimate test of
Specimen 2.
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Figure 7.31 - Specimen 2 compression block failure at construction joint.

Using the strain data collected during the ultimate test and the steel bar stress-strain model
outlined in Section 7.1.8.2, forces in the steel bars and average bond stresses were calculated as
described previously for the first specimen.

Average bond stress versus specimen deflection is plotted in Figure 7.32 and Figure 7.33
for two bars that were spliced together. These were #5 bars in the bottom layer of transverse
reinforcement. The dashed lines depict the point at which the strain gauge at the continuous end
of the splice was determined to reach the yield strain of the bar. The plots of average bond stress
for the two spliced bars show behavior similar to each other. Both bars in the splice had a relatively
constant and uniform increase in bond stress along their length up to the yield point. After yield,
the average bond stress in Segment 1 continued to increase while the average bond stress in
Segment 2, where yielding had already occurred, decreased slightly.

Average bond stress versus applied moment is plotted in Figure 7.34 and Figure 7.35 for

the same two #5 bottom bars that were spliced together. As for Specimen 1, the effect of self-
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weight of the specimen is not considered. Again, the dashed lines depict the point at which the
strain gauge at the continuous end of the splice was determined to reach the bar yield strain. Once
yielding occurred, the applied moment continued to increase even though the instrumented bars
were within the yield plateau. This was possibly due to all five transverse bars not yielding
simultaneously, or some bars being strained within the strain range of the yield plateau while others

had already begun strain hardening.
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Figure 7.32 — Specimen 2 average bond stress versus specimen deflection for spliced Stage 1
bottom transverse bars.
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Figure 7.33 — Specimen 2 average bond stress versus specimen deflection for spliced Stage 2
bottom transverse bars.
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Figure 7.34 — Specimen 2 average bond stress versus applied moment for spliced Stage 1 bottom
transverse bars.
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Figure 7.35 — Specimen 2 average bond stress versus applied moment for spliced Stage 2 bottom
transverse bars.

The maximum average bond stress during the ultimate test for the four instrumented
transverse bars in the bottom layer of reinforcement is tabulated in Table 7.4. Similar to the first
specimen, the values of maximum average bond stress for the different splice segments are
reasonably consistent throughout all spliced bars. Recall that to develop a yield stress of 81 ksi
over a length of 27.75 in., an average bond stress of 456 psi is required. Again, in all bars, the
maximum average bond stress over the full splice segment was greater than 456 psi, meaning that

all spliced bars began strain hardening before the specimen ultimately failed in compression.

Table 7.4 — Specimen 2 average bond stress at first yielding of spliced transverse bottom bars

Stage1-Bar1l Stage 2 -Bar1 Stage 1 —-Bar 2 Stage 2 —Bar 2
Segment 1 645 psi 746 psi 670 psi 791 psi
Segment 2 523 psi 438 psi 443 psi 460 psi

Full Splice 544 psi 536 psi 560 psi 567 psi
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As discussed in Section 7.2.2, the required splice length according to AASHTO (AASHTO
2012) is 29.6 in. for a Class C splice. Data from the strain gauges showed that the 30-in. Class C
lap splice provided in this specimen was capable of developing a stress differential greater than
the 81 ksi yield stress in all spliced bars. As discussed earlier, the specimen ultimately failed in
flexural compression. It was therefore concluded that a Class C lap splice (30-in. long, 48 bar
diameters) was sufficient for the specimen to develop its flexural capacity, even when subjected to
the second, larger displacement protocol during curing.

Specimen displacements were recorded using data from the Optotrak® position tracking
system. The marker grid shown in Figure 7.8 allowed the deflected shape and average curvatures
of the specimen lap splice region to be calculated throughout the test. The deflected shape is plotted
at increasing levels of moment throughout the ultimate strength test, as shown in Figure 7.31.
Similar to the behavior of Specimen 1, at higher levels of moment, points of localized rotation
became visible. Again, the most pronounced point (at a marker position of approximately 48 in.)
coincided with the location of the construction joint. Localized rotation was also seen, although to
a lesser degree, at a marker position of 20 in., which corresponded to the location of the termination

of the Stage 1 transverse reinforcement.
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Figure 7.36 - Specimen 2 deflected shape plotted at different levels of moment throughout the
ultimate test.

Specimen average curvatures in the lap splice region were calculated using the Optotrak®
markers and the method described in Section 7.2.2. Curvatures along the lap splice region are
plotted at different levels of moment in Figure 7.32. Again, there were two distinct locations with
localized curvatures. The largest curvatures were concentrated at the construction joint, coinciding
with the marker strip positioned at 50 in. The marker strip positioned at 18 in. encompassed the
region where the Stage 1 transverse bars terminate. Similar to the response of Specimen 1, the
curvatures were almost completely localized at the two ends of the splice. Throughout the test, the
curvatures at the splice end near the construction joint were approximately 2.0 times that at the
other end of the splice. The locations of localized curvature became clearly defined at moments
larger than 400 k-in.

The deflected shape and curvature distribution in the lap splice region were again analyzed
under assumed service conditions to determine if localized rotations and curvatures could

potentially result in localized damage over the life of the bridge deck. As with Specimen 1, the
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service load was assumed to correspond with a maximum stress in the steel reinforcement of 0.6fy,
or 36 ksi based on a nominal yield strength of 60 ksi. During the ultimate test of Specimen 2, a
stress of 36 ksi was reached at the continuous end of the spliced bars at a moment of approximately
310 k-in. As before, the deflected shape and curvature distribution under this assumed service load
is represented by the thick red line plotted in Figure 7.36 and Figure 7.37, respectively. These
figures show that under the assumed service load, the points of localized rotation and curvature
are not well defined. The curvature distribution is nearly uniform in the lap splice region and
localized curvatures at the ends of the splice are barely visible. Therefore, it appears that the
magnitude of differential deflections applied in this test during curing of the Stage 2 deck has
minimal influence on the integrity of the longitudinal joint region under service conditions.
Additionally, repeated cycles of deformation large enough to produce localized damage at the ends

of the lap splice are unlikely to occur under normal service conditions.
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Figure 7.37 — Specimen 2 curvatures at different levels of moment throughout the ultimate test.
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Cracks were mapped at the conclusion of the ultimate test showing where damage and
cracks occurred in the specimen (Figure 7.38). The specimen ultimately failed in flexure-
compression at the longitudinal construction joint. The largest crack occurred at this location with
the construction joint opening considerably. The other major crack occurred at the termination of
the Stage 1 transverse bars. Comparing the crack map to the specimen curvatures in Figure 7.37,
the two points of localized curvature coincided with the largest cracks in the specimen. It is
possible that some of the crack width at these locations may have been due to slippage of bars

along the splice.

— COMPRESSION
{  BLOCK RUPTURE

J: l SPLICE m—

REGION

Figure 7.38 - Crack map for Specimen 2 ultimate flexural test.

After the conclusion of the ultimate test, the split compressed concrete allowed the cover
concrete to the top spliced reinforcement to be easily removed, as shown in Figure 7.39. This
allowed for the visual examination of the imprints left in the concrete by the reinforcing bars. It
was noted that in all five splices the Stage 2 transverse reinforcement left a clearly defined, shiny
imprint in the concrete, while the Stage 1 transverse bars left a slightly more disturbed and dull
imprint, as seen in Figure 7.40. While there was no quantitative way to confirm this, the difference
in bar imprints does suggest that the Stage 1 reinforcement experienced movement relative to the
concrete during curing, causing this muddled bar imprint.

Similar to the first specimen, the reinforcement yielded in the spliced region. It is thus

concluded that the concrete-bar bond was not affected enough to reduce the flexural capacity of
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the section. When comparing results with those from the first specimen, there were almost no
differences between the two. In both specimens, the only damage that was definitively caused by

displacements during curing was the hairline flexural crack above the steel support beam.

‘r’pl '-'-' .

7% STAGE 2 BAR |\

2

a

7 POy % . g B e E: o 5 s '
Figure 7.39 - Bar imprints were examined after removing the cover to the top spliced transverse
reinforcement.
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spliced transverse bar imprint (right) is clearly defined.
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7.4 Leakage Tests
Leakage tests were also conducted to evaluate the effect of surface joint treatment on joint
leakage. Four pair of specimens were tested. Each specimen consisted of a 24 in. x 12 in. x 4 in.
concrete prism, representing a 12 in. wide joint strip. The specimens were constructed in two stages,
simulating a bridge-deck staged construction, with a joint at mid-length of the specimens. A #3
reinforcing bar ran along the specimen length, located in the center of the specimen cross section,

simulating dowel reinforcement used in real construction. A sketch of a joint specimen is shown

in Figure 7.41.
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Figure 7.41 - Joint specimens for leakage tests

For ease of construction, the specimens were cast in a vertical position. For the specimens

with surface treatment, immediately after the first-stage concrete was cast, a concrete retarder for
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exposed aggregate surface (Type S, manufactured by Euclid Chemical) was applied to the surface.
It should be mentioned that the use of a surface retarder for preparation of bonded joints is referred
to in Section 503.09(b) of the Illinois Department of Transportation Standard Specifications for
Road and Bridge Construction (2016). Twelve hours after application of the concrete retarder,
high-pressure water was injected to the treated surface to remove surface paste and expose the
course aggregate. Figure 7.42 shows a comparison of an untreated versus a treated surface, while
a closeup of a treated surface is shown in Figure 7.43.

The specimens were cast in two pairs, one with and one without surface treatment, and
were constructed in two phases, the second phase 3 and 4 days after casting of the first phase for
the first two pairs and last two pairs, respectively. Table 7.5 lists the cylinder compressive strength
for each pair of specimens at the beginning of the leakage test.

Table 7.4 — Cylinder compressive strength at beginning of leakage tests
Pair 1 Pair 2 Pair 3 Page 4

Phase 1 6400 psi 6400 psi 5300 psi 5300 psi
Phase 2 4400 psi 4400 psi 5000 psi 5000 psi
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Figure 7.43 — Condition of treated joint surface

After the concrete used for both stages had gained sufficient compressive strength (at least

4000 psi), the top specimen surface, excluding the longitudinal joint, was sealed with epoxy to
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ensure that water would only flow through the joint. Also, for Pairs 3 and 4, the top surface of the
joint was ground over a depth of about 0.25 in. to ensure any concrete from the second phase
covering the joint was removed and the joint was fully exposed (Figure 7.44). A 6-in. diameter,
24-in. long PVC pipe was then placed at the center of the specimen, with its base epoxy-glued to
the concrete surface to prevent water leakage through the pipe-concrete interface (see Figure 7.45).
Each specimen was then subjected to an 18-in. high water head, with the top surface of the pipe
sealed to prevent water evaporation. Change in water head was then measured over time for
comparison in leakage rate between untreated and treated joint specimens. It should be mentioned
that change in water head over time is used to evaluate leakage in water containment structures
(e.g., water tanks), as documented in the Specification for Tightness Testing of Environmental

Engineering Concrete Containment Structures (ACI 350.1-10 and Commentary).

Figure 7.44 — Joint surface prior to (left) and after (right) grinding
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Figure 7.45 — Joint leakage specimen prior to being subjected to a water head

For the first two pairs of specimens, one of the two specimens with an untreated joint was
not capable of holding the water as it leaked through the glue joining the PVC pipe and the concrete
surface. For the last two pairs of specimens, the pair without surface treatment could not hold the
water. The same occurred for one of the two specimens with joint surface treatment. Thus, data are
only available for four specimens (one without and three with treated joint surface). Drop water
measurements for these specimens are shown in Table 7.5. As can be seen, drop in water head

after 7 days was the same (1/8 in.) in three out of the four specimens that held the water (two with
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joint treatment and one without). In the other specimen (with joint treatment), the drop in water
head after 7 days was 3/8 in.

Given the limited data, a definite conclusion with regard to the ability of the joint surface
treatment to reduce joint water leakage cannot be drawn. However, the fact that for the last two
pairs of specimens, for which the joint was exposed through grinding, the two specimens without
joint treatment were not capable of holding the water suggest that the applied surface treatment
does have potential to reduce water leakage or, at least, it would not be detrimental to the
performance of the joint.

Table 7.5 — Drop in water head for leakage test specimens

Specimen 3 days 7 days

Specimen 1,
Pair 1
(without
treatment)
Specimen 1,
Pair 2 (with - 1/8 in.

treatment)
Specimen 2,
Pair 2 (with - 3/8 in.
treatment)
Specimen 1,
Pair 4 (with 1/16 in. 1/8 in.
treatment)

- 1/8in.

7.5 Conclusions
Laboratory testing of specimens constructed using a simulated staged construction process
showed no evidence of an unacceptably degraded bond between the concrete and the spliced steel
reinforcement in the construction joint region. While visual inspection of the bar imprints in the
concrete showed that some relative movement did occur, its effect, if any, was negligible and both
specimens ultimately experienced a flexural failure with crushing of the concrete compression

zone after yielding of the tension reinforcement. Test results thus indicate that differential
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deflections of up to 0.125 in. downward or 0.175 in. total movement do not significantly impact
the integrity of the concrete-bar bond in spliced reinforcement. 48 bar diameter lap splices were
used in both laboratory specimens and were proven to be sufficient in developing the full strength
of the reinforcement even when subjected to traffic-induced displacements during concrete curing.
For concrete bridge decks constructed in stages, it is therefore recommended to splice transverse
reinforcement 50 bar diameters at the longitudinal construction joint.

An analysis of specimen deflections, curvatures and crack patterns in the lap splice region
showed that when tested to ultimate, damage was localized at the two ends of the spliced
reinforcement. Specimen 1 failed at the section where the Stage 1 transverse bars terminated and
Specimen 2 failed at the section where the Stage 2 transverse bars terminated. It was determined
that rotations tend to concentrate mostly at the longitudinal construction joint where a discontinuity
exists. However, under service conditions (defined by a maximum tensile stress in the
reinforcement of 0.6fy = 36 ksi), localized rotations were practically nonexistent and would
therefore be unlikely to cause damage in the construction joint region. While improbable, however,
repeated loading from extremely heavy vehicles could result in deformations large enough to cause
localized damage to occur in the lap splice region. Leakage, corrosion and spalling could result if
the integrity and continuity of the construction joint becomes compromised.

The one defect that could be identified as having been caused by differential deflections
was a hairline longitudinal crack directly over the Stage 2 support adjacent to the staged
construction joint. The geometry and support conditions of the test setup used may have caused
this cracking to occur at smaller displacements than would be required to cause the same type of
cracking in a real bridge. Nonetheless, cracking in this location is a possible consequence of

differential displacements during concrete curing.
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Results from the water leakage tests proved inconclusive in terms of the ability of the
applied joint surface treatment to reduce water leakage through the joint. However, the fact that
for the last two pairs of specimens, for which the joint was exposed through grinding, the two
specimens without joint treatment were not capable of holding the water suggest that the applied
surface treatment does have potential to reduce water leakage or, at least, it would not be

detrimental to the performance of the joint.
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Chapter 8: Summary & Conclusions
8.1 Conclusions and Recommendations

Through a variety of methods, this research has sought to establish to what degree concrete
bridge decks are compromised when a staged construction process is used and curing occurs in the
presence of live traffic loads. A review of previous research, a survey of transportation officials,
field inspections of bridge decks constructed in stages, field monitoring of deflections during
staged construction, finite element modeling of existing structures, and laboratory testing of
representative specimens has provided the basis for several conclusions and recommendations.

It was commonly stated in the reviewed literature and by the respondents of the survey that
the most effective way to reduce the impact of differential deflections induced by traffic on curing
concrete bridge decks is to minimize the impact of heavy vehicles. When heavy trucks cannot be
restricted from using the bridge entirely, it is most effective to move them as far away from the
curing deck as possible. This was confirmed in the finite element modeling of bridge B-70-177.
Another important consideration in reducing the impact of traffic on curing concrete decks is the
smoothness of the riding surface. This appears to be often overlooked, but previous research
suggests providing a smooth surface is one of the most effective ways to reduce bridge differential
deflections and vibrations during staged construction.

From field inspections of staged-constructed bridge decks, it was concluded that the
majority of bridges show no adverse effects from live loading on the bridge during staged
construction, through some deterioration may be caused by the staged construction process and
presence of the longitudinal joint. Deck-on-girder bridges were for the most part in good condition.
The one defect that was commonly found in staged construction bridges was underconsolidation

of the concrete in the longitudinal construction joint region. Additional steel reinforcement and
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shear keys often present in these regions make the moderate-slump concrete more difficult to
consolidate properly. Where lap splices or shear keys exist, extra effort should be made to ensure
that concrete is properly consolidated. Alternatively, using one-piece mechanical splicers will
reduce congestion in these areas and make proper consolidation of the concrete easier.

The inspection of eight haunched slab bridges exhibited longitudinal construction joints
that were in very poor condition. While it was impossible to determine the exact cause for their
deterioration, the use of staged construction and the resulting presence of longitudinal construction
joints are believed to be major factors in the deterioration of these bridges. It is reasonable to
suggest that flat slab and haunched slab bridges are more susceptible to damage from differential
deflections during staged construction if the necessary precautions are not taken. If shoring is not
provided under the portion of the bridge that is open to traffic, all the vertical displacement will
translate into differential deflections in the spliced reinforcement region in the curing concrete. It
is therefore recommended to provide shoring under the entire bridge throughout construction of
slab bridges, though this would likely necessitate other changes to the design of the shoring to
support the live traffic loading. The researchers do not recommend the use of staged construction
for slab or haunched slab bridges. Should staged construction become necessary, then heavy live
traffic should be prevented during construction.

Differential deflections were measured in two prestressed concrete girder bridges during
staged construction. Results from this field monitoring showed that the magnitudes of differential
deflections in bridges of this type are very small. Finite element models of the same two bridges
reinforced the conclusion that differential deflections in short-to-medium-span prestressed
concrete girder bridges are extremely small and are highly unlikely to adversely affect the integrity

of the deck.
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Finite element modeling of a longer, steel plate-girder bridge showed that differential
deflections can become considerably larger as the span length increases. This is especially true if
more than one traffic lane is maintained during staged construction. If this is the case, it is
recommended to close the lane(s) closest to the curing deck for at least 24 hours. At the very least,
truck traffic should be restricted to the lane furthest from the curing deck for the same amount of
time. Further analyses of long-span bridges should be performed to determine how much span-
length and girder configuration influences the magnitude of differential deflections.

Two laboratory specimens were constructed using a simulated staged construction process
and were subjected to different magnitudes of differential deflections during curing of the Stage 2
segment. After being subjected to an ultimate flexural strength test, it was concluded that the
overall strength of both specimens was unaffected by differential displacements applied during
Stage 2 curing. Differential deflections up to 0.125 in. downward or 0.175 in. total movement did
not appreciably impact the integrity of the concrete-bar bond in spliced reinforcement. Forty eight-
bar diameter lap splices were used in both laboratory specimens. This splice length was proven to
be sufficient in developing the yield strength of the reinforcement when subjected to traffic-
induced displacements during concrete curing. For concrete bridge decks constructed in stages, it
is therefore recommended to splice transverse reinforcement at least 48 bar diameters at the
longitudinal construction joint for #5 bars or smaller.

An analysis of deformations in the lap splice region showed localized rotations at the ends
of the splice under bending. However, these localized deformations were practically nonexistent
under assumed service loading conditions. It is therefore unlikely that damage in the construction
joint region will result from normal service loading. However, exceptionally large vehicle loads

could result in deformations large enough to cause localized damage to occur in the lap splice
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region. Laboratory testing also showed that differential deflections during curing of concrete decks
can cause longitudinal cracking of the curing deck over the girder closest to the staged construction
joint.

The results from leakage tests were inconclusive with regard to the ability of joint surface
treatment using a concrete retarder to reduce leakage through the joint. However, only one out of
four specimens without joint treatment could hold the water head (i.e., water in other three
specimens ran through the joint in a matter of seconds), while three out of four specimens with
joint treatment held the water over time, suggesting that the applied surface treatment does have
potential to reduce water leakage or, at least, it would not be detrimental to the performance of the

joint.

8.2 Recommendations for Future Work

While this research has provided insight on several important aspects and consequences of
staged bridge construction, it has also uncovered additional areas where further research may be
required.

To effectively conclude if maintaining traffic during staged construction causes
deterioration of bridge decks, inspections should be performed immediately and routinely after
completion of construction. Defects directly resulting from the construction process should be
present shortly after construction, so inspecting bridges immediately after construction would
allow these potential defects to be differentiated from those occurring due to regular use of the
bridge once it is in service.

The field monitoring of deflections during staged construction performed in this

investigation did not allow the evaluation of reductions in differential displacement as the Stage 2
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concrete gained stiffness. This was mainly due to the randomness of the traffic events during the
field monitoring. To accurately measure the reduction in differential displacement as the Stage 2
deck hardens, deflections due to a control truck of known weight should be measured at specific
times after the completion of concrete placement.

The most common defect noted in the field was underconsolidation of concrete at the
longitudinal joint. This could be prevented through tighter control in bottom concrete cover during
construction, or by increasing the minimum concrete cover. Future work could also focus on
recommending details or procedures that aid in consolidation in this region.

The results from finite element analyses that were performed as part of this research
suggested that differential deflections may vary considerably depending on span length, girder
configuration, and position and number of traffic lanes. Additional modeling of prestressed
concrete and steel girder staged construction bridges with varying span lengths and traffic patterns
could provide insight on how these factors influence differential deflection magnitude.
Additionally, finite element models of flat slab and haunched slab bridges could be helpful in
estimating differential deflections in these types of bridges when unshored construction is used.

The laboratory tests performed as part of this research showed that bond strength of lap
spliced reinforcement was adequate to develop the bars, even when subjected to differential
displacements up to 0.125 in. during curing. It would be interesting to see how different
reinforcement details such as different bar sizes, splice lengths, dowel bar splicers, bar couplers,
and no shear keys affect the performance of the longitudinal joint. It would also be useful to
establish at what level of differential displacement the bond between concrete and reinforcement

begins to degrade considerably and compromise the strength of the section.



165

The use of closure strips was not investigated as part of the laboratory experiments. Testing
similar specimens that utilize closure strips could provide insight into whether this practice
improves or compromises the overall strength and/or durability of bridge decks.

While the laboratory experiment portion of this research focused mostly on short-term
damage resulting from the construction process, the possibility of long-term degradation is equally
important. Further investigation should be performed focusing on degradation of the longitudinal
joint region due to long-term leakage and corrosion, and the possibility of increased permeability
through the joint if live loads are present during construction. Further research may also investigate
the efficacy of the surface retarder or other longitudinal construction joint details on long-term

degradation of the joint.
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Appendix A — Survey of Staged Bridge Construction Practices

Participants:
- Wisconsin Department of Transportation
- Wisconsin Department of Transportation Bridge Maintenance Division
- Illinois Department of Transportation
- Missouri Department of Transportation
- Minnesota Department of Transportation
- Michigan Department of Transportation
- Ayres Associates, Inc. (Bridge Designer & Inspector)

Question 1a: Does your organization allow any vehicular traffic to continue using one or
more lanes of a bridge while concrete is being placed and/or curing on the same structure?

Yes 12 92.3%
No 1 7.7%
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Question 1b: What are the reasons for allowing vehicular traffic during deck construction?

More Economical _

Vibrations during construction won't affect
long term deck performance

0 2 4 6 8 10 12
Responses
More economical 3 25.0%

Less disruptive to traffic patterns 1 91.7%

Vibrations during construction won't
affect long term deck performance

Other 2 16.7%

0 0.0%

Other Responses:
- Traffic management
- Dead end road,
- No other way to businesses/homes

Question 1c: How do you justify these decisions?

Research

Past Experience

Other

0 1 2 3 4 5 6 7 8
Responses
Research 0 0.0%
Past Experience 7 58.3%

Other 7 58.3%
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Other Responses:

Ongoing practice

Research and past experience demonstrate that traffic vibrations do adversely affect
the quality of the final bridge deck concrete, but traffic volumes and public demand
cause our owners to request staged construction. Contractors would prefer that we
not use staged construction and it requires more work for designers to prepare
contract plans with staged construction as well. [...] We always encourage owners to
reroute traffic when possible or use closure pours rather than use staged construction.
Contract requirements

Stakeholder input

Mobility restrictions through construction zones

Question 2a: Does your organization impose any restrictions on bridge traffic to reduce
vibrations during concrete curing?

Yes 4 33.3%
No 8 66.7%

Question 2b: What restrictions do you impose on bridge traffic?

Speed limit and lane closures when possible.

Reduced speed limit, and provide additional couple feet behind temporary barrier
curb or reduce lane and some cases reduce truck load.

Move traffic as far away from the concrete pour as possible. Purposely narrow down
the through lane so traffic slows down.

Depending on cross section we will close the adjacent lane next to second deck pour
to limit vibrations.
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Question 3a: Does your organization impose any restrictions on construction operations to
reduce vibrations during concrete curing?

Yes 4 30.8%
No 9 69.2%

Question 3b: What restrictions do you impose on construction operations?

[...] we have improved requirements for bracing of the exterior beam and another
study is due out soon which will further improve these requirements. We have
fogging requirements based on the evaporation rate, temperature, humidity and wind
speed. We encourage SureCure for curing our bridge decks. [...]

Timing, sequencing

Load restrictions are in place until concrete reaches 3500 psi.

No heavy equipment or vehicles on bridge deck until after 7 day wet curing period
and the concrete has gained 100% design strength.

Question 4: What concrete properties (strength, slump, water-cement ratio, maximum
aggregate size, etc.) are typically specified for closure pours and cast-in-place decks?

f'c: 4000 psi

Slump: -2 -4"; 1 -4

Water/Cement Ratio: 0.32 - 0.44; 0.35 — 0.45; max 0.45
Air Entrainment: 5% - 8%; 4.5% — 7.5%; 6.5%
Maximum Aggregate Size: 1", 1.5”

30-40% fine aggregate,

No chlorides

Set retarders and water reducers are allowed
Permeability: <2500 coulombs at 28 days, < 1500 coulombs at 56 days
Shrinkage: < 0.04 at 28 days

Durability: >90% at 300 cycles
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Question Sa: Do you require/recommend any special reinforcement detailing in
longitudinal joint regions?

Yes 7 53.8%
No 6 46.2%

Question 5b: What reinforcement detailing do you require/recommend?

When the deck width of a girder superstructure exceeds 90 feet or the width of a slab
superstructure exceeds 52 feet, a longitudinal construction joint with reinforcement
through the joint shall be detailed. [...]

For space and safety, we don't allow lap lengths along stage construction lines but
require threaded bar splicers.

We treat the first pour as an overhang. Therefore, we check the bar steel in the first
pour to be sure that the steel is adequate to support the temporary overhang caused by
the stage construction. Normally no extra steel is required.

Provide required rebar splice if space is available. If not enough space available for
rebar splice, then use mechanical connection for 8.5" deck and hook rebar or provide
dowel for thicker slab.

These can vary by plan (i.e. bridge thickness, load, etc.). One particular project
requires a keyway, 2' 7" laps, and use of #5 top and bottom mat horizontal deck bars.
The longitudinal joint is to be sealed at the end.
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Question 6a: Do you limit longitudinal joints to a particular location?

Yes 10 76.9%
No 3 23.1%

Question 6b: What limits do you impose on longitudinal joint locations?

Longitudinal joints should not be located directly above girders and should be at least
6 inches from the edge of the top flange of the girder. Longitudinal joints are
preferably located beneath the median or parapet. Otherwise, the joint should be
located along the edge of the lane line or in the middle of the lane. Avoid under wheel
line for safety of drivers

It shall be located within the middle S/2 where S = beam spacing.

Longitudinal joints over girders will create performance issues considering
freeze/thaw and corrosion. A joint on top of a girder may never dry out, more likely to
retain water.

We try not to exceed the maximum overhang of 3'-7" for the location of the
longitudinal joints. We also try to keep the joints outside of the final location of the
wheel lines. (Either at the edge of lane or directly in the middle of the lane.) However,
bridge width and traffic staging sometimes don't allow us to do this.

Generally, try to provide longitudinal joint @ girder space/4.

Over beams when geometry allows

Strive to make longitudinal joint at lane line. Try to avoid longitudinal joint beneath
wheel path. Do not locate longitudinal joint over beam flange.
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Question 7: In your experience, have any of the following defects occurred prematurely in
longitudinal joint regions as a result of traffic-induced vibrations and differential
deflections during concrete placement and/or curing?

Longitudinal Cracks

Transverse Cracks

Concrete Spalling

Unsatisfactory Joint Performance

Other

o
[
N
w
N
(9]
[e)]
~
[ ]

Responses

Longitudinal Cracks 6 50.0%

Transverse Cracks 6 50.0%

Random Cracks 5 41.7%

Concrete Spalling 4 33.3%

Unsatisfactory Joint Performance 7 58.3%

Other Responses:
- Leakage
- Reduction in bond and development of transverse steel in the vicinity of the joint as a
result of vibration
- Poor ride at the joint
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Question 8: Have you (or your organization) conducted any research in this field?

Yes 2 15.4%
No 1 84.6%

Please provide references or links to any conducted research.

- Please contact me at xxx-xxx-xxxx and we might be able to get links to some
research. I know we have studied this specific issue but I would need to check with
our Bureau of Materials and Physical Research to get possible links to these reports.

- Numerous bridge inspections and continuous involvement in the bridge inspection
industry



177

Appendix B — Existing Staged Construction Bridge Inspection Details and Notes
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Table B.1 - Existing staged bridge construction inspection log

Average Daily

Structure ID On Under County Traffic Built # Spans Span Lengths (ft) Girder Configuration
1961 (New Deck &
B-13-17 IH EB Lake Drive R D: 22,71 4 4 5 |
3-176 90 ake Drive Rd ane ,700 Widened 2011) 3 0, 50, 40 Cont. Steel
B-13-177 IH 90 WB Lake Drive Rd Dane 21,700 1961 (New Deck & 3 375,47,37.5 Cont. Steel
Widened 2011)
B-20-059 CTH OO IH 41 Fond Du Lac 7,300 1973 (New Deck 2009) 2 145, 146 Cont. Steel
STH 100 SB - Sil
B-40-363 USH 45 B Soring Ve Milwaukee 46,900 1967 (Widened 2000) 2 78 Cont. Steel
STH 100 SB - Silver 1967 (New Deck &
B-40-364 H 45 NB Mil 49,4 2 7 5 |
0-36 USH 45 spring ilwaukee 9,400 Widened 2001) 8 Cont. Steel
B-40-365 USH 45 SB CNW RR Milwaukee 52,600 1967 (Widened 2000) 3 46.5, 60.5, 46.5 Cont. Steel
B-40-366 USH 45 NB CNW RR Milwaukee 55,800 1967 (New Deck 2001) 3 46.5, 60.5, 46.5 Cont. Steel
B-53-007 USH 14 Blackhawk Creek Rock 9,500 1951 (New Deck 1994) 3 40, 50, 40 Cont. Steel
Kennedy Rd & Bike 1962 (New Deck &
B-53-081 IH 90 EB path Rock 23,800 Widened 2003) 4 67.5, 82,82, 67.5 Cont. Steel
B-56-217 USH12-STH78  Wisconsin River Sauk 17,500 1965 (Widened w/ 7 108-136 Cont. Steel
Concrete Overlay 2004)
B-67-109 IH 43 SB Calhoun Rd Waukesha 26,500 I ([ 3 33,70, 41 Cont. Steel
Superstructure 1992)
B-67-110 IH 43 NB Calhoun Rd Waukesha 26,500 1969 (New 3 33,70,42.5 Cont. Steel
Superstructure 1992)
B-67-123 IH 43 SB Hilo Dr Waukesha 15,650 1970 (New Deck 2012) 3 48,73.5,48 Cont. Steel
B-67-129 STH83 IH 43 Waukesha 24,600 1971 (New beck & 2 1245,124.5 Cont. Steel
Widened 2002)
1971 (New Deck &
B-67-133 IH 43 SB Edgewood Ave Waukesha 17,320 Widened 2012) 3 57.5,95.5, 62 Cont. Steel
B-67-134 IH 43 NB CTH | Beloit Rd) Waukesha 36,600 1968 (New Deck 1992) 3 56, 110, 45 Cont. Steel
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Structure ID

Girder Spacing
(ft)

Deck Thickness
(in)

Location of Joint

Joint Details*

Deck Condition

Comments

B-13-176

B-13-177

B-20-059

B-40-363

B-40-364

B-40-365

B-40-366

B-53-007

B-53-081

B-56-217

B-67-109

B-67-110

B-67-123

B-67-129

B-67-133

B-67-134

8.8

8.8

10.6

9.4

9.4

9.4

9.5

55

7.8

10.3

4.7

4.7

12.9

9.2

12.8

12.0

8.5

8.5

O8]

9.0

9.0

9.0

9.0

8.0

8.0

9.0

8.0

8.0

10.5

9.0

10.5

9.5

B/w girders (3.04'/5.79' =
S/2.9)

B/w girders (3.04'/5.79' =
5/2.9)

Next to girder, 6" from
edge of top flange (S/8.5)

Next to girder, 16.5" from
edge of top flange (S/4.8)

B/w girders (3.96'/5.46' =
S/2.4)

Next to girder, 18" from
edge of top flange (S/4.8)

B/w girders (4'/5.5' =
S/2.4)

B/w girders (1.52'/4.0' =
5/3.6)

B/w girders (3.62'/4.27' =
5/2.2)

B/w girders (5.33"/5.0' =
5/1.9)

Midspan b/w girders
(2.33/2.33'=5/2)

Midspan b/w girders
(2.33/2.33'=5/2)

B/w girders (4.55'/7.55' =
S/2.4)

B/w girders (7.13'/2.03' =
$/1.3)

B/w girders (4.0'/8.83' =

s/3.2)

B/w girders (4.5'/7.5' =
$/2.7)

50 dy, lap splice w/
shear key

50 d, lap splice w/
shear key

51 d, lap splice w/
shear key

52 d,, dowel bar
splicer w/ shear key

52 d, dowel bar
splicer w/ shear key

Bar couplers

Bar couplers

52 dy, dowel lap
splice w/ shear key

52 d,, dowel bar
splicer (both sides)

51 d, lap splice w/
shear key

40 d,, lap splice w/
shear key

40 dy, lap splice w/
shear key

51 d, lap splice w/
shear key

51d, lap splice

52 d, lap splice w/
shear key

51 d, lap splice w/
shear key

Minor cracking underneath (between all girders)
with efflorescence. Localized areas of insufficient
consolidation in the joint region. Diagonal cracking
over piers in top surface of stage 2 deck.

Minor cracking underneath primarily in stage 2 deck
(where the traffic lanes are) with efflorescence.
Localized areas of insufficient consolidation in the
joint region.

No significant cracking or defects in joint region.

No significant cracking or defects on bottom face of
deck in joint region. Moderately sized cracks on top
surface of deck in stage 2 side. Minor spalls in
wearing surface along joint.

No significant cracking or defects on bottom face of
deck in joint region. Moderately sized cracks on top
surface of deck in stage 2 side.

Minor transverse cracking with light efflorescence
on stage 2 side of joint (uniformly spaced)

No significant cracking in longitudinal joint region.
Moderate efflorescense coming through
construction joint. One bar coupler exposed from
insufficient concrete cover.

No significant cracking in longitudinal joint region.
Localized areas of insufficient consolidation in joint
region.

Minor cracking with light efflorescence and rust
staining extending from joint into stage 2 deck.
Moderately sized transverse cracks in wearing
surface (also observed in adjacent bridge not
constructed in stages).

Minor spalls underneath in stage 2 longitudinal joint
region. One moderately sized crack in underside of
stage 2 deck with efflorescence. Minor transverse
cracking spaced regulrly in stage 2 wearing surface.

Transverse cracking with efflorescence throughout
deck

Transverse cracking with efflorescence throughout
deck

Minor patches and areas of underconsolidated
concrete along LCJ

No significant cracking or defects in joint region.

Minor areas of undercolsolidated concrete

Random cracking throughout deck. Transverse
cracking with efflorescence mostly concentrated to
stage 2 side, leakage through LCJ.

LClJ is partially under central
median

Adjacent bridge constructed

without stages - no
significant defects

Adjacent bridge constructed

without stages - no
significant defects
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A Dail
Structure ID On Under County ve:gfeﬁcal v Built # Spans Span Lengths (ft) Girder Configuration
B-67-135 IH 43 SB CTH | Beloit Rd) Waukesha 36,600 1968 (New Deck 1991) 3 68,124, 48.5 Cont. Steel
B70176 IH41sSB STH76 Winnebago 25,700 1995 (Widened 2011) 2 115.5 Cont. Steel
. 1995 (New Deck &

B70177 IH 41 NB STH76 Winnebago 10,043 Widened 2010) 2 115.5 Cont. Steel
B-30-014 IH 41 SEBB- 1194 CTHKR Kenosha 38,800 1959 (Widened 1970) 3 33,43,33 Haunched Slab
B-30-015 IH 41 ’\\:\?B- Lals) CTH KR Kenosha 38,800 1959 (Widened 1970) B3] 33,43,33 Haunched Slab

IH41SB-IH 94
B-30-025 SEB CTHE Kenosha 34,410 1959 (Widened 1970) 3 33,43,33 Haunched Slab
IH41 NB - IH 94
B-30-026 WB CTHE Kenosha 34,700 1959 (Widened 1970) 3 33,43,33 Haunched Slab
B-51-016 1H41 SEB‘; 1H94 Braun Rd Racine 38,800 1959 (Widened 1970) 3 33,43,33 Haunched Slab
B-51-017 LA ’\\;\IIZB- ) Braun Rd Racine 38,800 1959 (Widened 1970) 3 33,43,33 Haunched Slab
IH41SB-IH94
B-51-020 B 58th Rd Racine 38,700 1959 (Widened 1970) 3 33,43,33 Haunched Slab
IH41 NB - IH 94
B-51-021 WB 58th Rd Racine 38,700 1959 (Widened 1970) 3 33,43,33 Haunched Slab
B-13-005 USH 14 Black Earth Creek Dane 10,500 1935 (New 1 62 SSPC
Superstructure 1993)
B-16-085 STH 35 Black River Douglas 3,700 1997 1 85 SSPC
B-67-297 IH43 SB CTH | Beloit Rd) Waukesha 30,200 2007 1 134 SSPC
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Girder Spaci Deck Thick
Structure ID " e;ﬁ;}aclng ec (ir:;: ness Location of Joint Joint Details* Deck Condition Comments
. Random cracking throughout deck. Transverse
B/w girders (4.83'/7.5'=  38dj, lap splice w,
B-67-135 12.3 95 /w el Sr/2(6) V hh 2 i / cracking with efflorescence concentrated to stage 2
. shear key side, leakage through LCJ.
Significant patching underneath at longitudinal
construction joint, possibly due to formwork or
B/w girders (4.0'/8.0' = . barrier anchors. Regularly spaced transverse cracks
B70176 10.5-12.0 10.0 49 d, lap splice
$/3.0) b 2P 5P with leakage throughout span on widened portion,
not throughout in original deck. Transverse cracking
in wearing surface accross entire deck.
. Regularly spaced transverse cracking with leakage S
B, d 8.0'/4.0'= . Modeled Finite
B70177 10.5-12.0 10.0 t it (B0 49 d, lap splice throughout, both underneath and in wearing odeled using Finite
S/1.5) Elements
surface.
Severe spalling at joint in main span with exposed
corroded rebar. Extensive delaminations in Concrete (1987) and
B-30-014 - Varies 10.0 - 27.5 Two joints 24 dy, lap splice approach spans. Large areas of previously patched bituminous (1998) overlays
concrete. Spalled concrete near waterstop joint in place
with adjacent bridge - area has retained moisture
Extensive patching of concrete in longitudinal joint
region. Large cracks extending through patches
with severe eflorescense. Some areas of Concrete (1987) and
B-30-015 - Varies 10.0 - 27.5 Two joints 24 d,, lap splice underconsolidated concrete. Opening of the crack  bituminous (1998) overlays
at the LCJ is visable during truck passage (approx. in place
1/4"). Pulverized concrete gathering on
embankment underneath LCJ
Extensive patching of spalled concrete in LCJ areas. Concrete (1987) and
B-30-025 - Varies 10.0 - 27.5 Two joints 24 d,, lap splice Longitudinal cracks adjacent to LCJ with bituminous (1998) overlays
efflorescense. Minor delaminations in joint region in place
Extensi: tching of spalled te in LC) b
e e e e
B-30-026 - Varies 10.0 - 27.5 Two joints 24 d, lap splice . J el y . bituminous (1998) overlays
efflorescense and corrosion near waterstop joint 3
" . . n . in place
with adjacent bridge - area has retained moisture
Longitudinal king adj t to LCJ with h
il i e oL e o 0 n
B-51-016 - Varies 10.0 - 27.5 Two joints 24 d, lap splice - LaTE ' ) O bituminous (2001) overlays
Efflorescense and corrosion near waterstop joint in place
with adjacent bridge - area has retained moisture P
Large longitudinal cracks adjacent to LCJ in
approach span with visable movement durin,
asspape of Iarpe trucks. Evidence of steel corrofion CerEe (FELEE
B-51-017 - Varies 10.0- 27.5 Two joints 24d, lapsplice 25528 ge trucks. 10N ituminous (2001) overlays
through cracks with efflorescense. Some patching .
in place
of spalled concrete areas and exposed corroded
rebars.
Longitudinal cracking adjacent to LCJ with heavy
ffl . Delaminati dj t to LCJ.
efflorescense. Delaminations adjacent to Cl Concrete (1980) and
. . N Exposed corroded rebars. Closely spaced hairline 5 )
B-51-020 - Varies 10.0 - 27.5 Two joints 24 d,, lap splice . bituminous (2001) overlays
transverse cracks. Efflorescense and corrosion near .
. . . . in place
waterstop joint with adjacent bridge - area has
retained moisture.
Longitudinal cracking adjacent to LCJ with heavy Concrete (1980) and
B-51-021 - Varies 10.0 - 27.5 Two joints 24 d,, lap splice efflorescense and signs of corroded steel rebar  bituminous (2001) overlays
within. in place
Midspan b/w girders .
B-13-005 65 8.0 (3'257;)25' =/S/2g)I, bridge 40 dy, lap splice w/ No significant cracking or defects i.n J:oint regjon,
h shear key light efflorescense underneath at joint location.
centerline
Minor ti king at I i ith
P SRR i st e L
B-16-085 10.8 8.0 (3.25'/3.25' = 5/2), bridge b En ‘ D3y ) B cracking in newer portion of,
" shear key 2 side). Some minor cracking on top surface of deck
centerline et . the deck
mainly in stage 2 side.
. Transverse cracking with efflorescence
B, ird 2.33'/2.33'=  44d, lap splice w,
B-67-297 5.3 8.0 /w gir e;s/; 1) / bh P i / concentrated in stage 2 deck. Hairline longitudinal
) shear key cracks adjacent to LCJ in Stage 1 deck
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Table B.1 (cont.) - Existing staged bridge construction inspection log

A Dail
Structure ID On Under County ve:gfeﬁcal v Built # Spans Span Lengths (ft) Girder Configuration
B-28-109 IH 94 EB STH 26 Jefferson 13,400 2001 2 108.3,108.3 SS PC - Cont. Deck
B-40-216 USH 45 SB Menomonee River Milwaukee 62,500 2000 2 122,122 SS PC - Cont. Deck
B-40-217 USH 45 NB Menomonee River Milwaukee 62,500 2001 2 122,122 SS PC - Cont. Deck
Wisconsin & 1961 (New Deck &
B-53-083 IH90 EB Calumet RR Rock 19,000 Widened 2003) 3 43.6,44.5,43.6 SS PC - Cont. Deck
B-64-122 IH 43 NB Elm Ridge Rd Walworth 10,040 1975 (New Deck 2015) 3 43.5, 64, 36.5 SS PC - Cont. Deck
B-67-324 IH 43 NB STH 164 Waukesha 21,000 2010 2 91,91 SS PC - Cont. Deck
B-67-325 IH 43 SB STH 164 Waukesha 21,000 2010 2 91,91 SS PC - Cont. Deck
1961 (New Deck &
B-13-160 IH 39 SB Door Creek Dane 27,200 Widened 2005) 1 83 SS Steel
1962 (New Deck &
B-13-161 IH 39 SB Door Creek Dane 27,200 Widened 2005) 1 83 SS Steel
Halfway Prairie
B-13-593 STH19 Creek Dane 2,000 1939 (New Deck 1989) 1 58.9 SS Steel
Badger Vall
B-56-022 STH 60 @ i?;eka ey Sauk 1,100 1957 (New Deck 1996) 1 30 S5 Steel
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Girder Spaci Deck Thick
Structure ID " e;ﬁ;}aclng ec (ir:;: ness Location of Joint Joint Details* Deck Condition Comments
. Minor transverse cracking (previously sealed). .
B d 3.94'/3.77' = B: I Partial ( .3 ft.
B-28-109 7.7 8.0 e e;s/é 0) / ars;‘:;’: :ers ) Longitudinal cracking approximately over both ar\AI/?d:VT;:eyda:\?erf:CJ
: ¥ girders adjacent to LCJ (in stage 1 and stage 2 deck) B
Minor transverse cracking in joint region with light
efflorescence. Small spots of corrosion at joint
. indication possible corrosion of embeded
Next t der, 7" fi 52 d, dowel bar
B-40-216 8.3 8.0 ed esofiflrﬂ::" o (;74m5) i ° / shear ki rebars.Two localized areas of insufficient
8 P 8 ! splicer w/ shear key consolidation and exposed rebar in joint region.
Excessive spalling and bugholes on bottom flange of
prestressed girder directly beneath joint.
Minor transverse cracking (uniform spacing) with
light efflorescence in longitudinal joint region (stage
B001 23 8.0 Next to girder, 7" from 52 d, dowel bar 2 side only). Small spots of corrosion at joint
: ) edge of top flange (S/4.5) splicer w/ shear key indicating possible corrosion of embedded rebars.
Excessive spalling and bugholes on bottom flange of
prestressed girder directly beneath joint.
No significant cracking or defects in longitudinal
B-53-083 72 80 B/w girders (3.92'/3.25'= 51, lap splice w/ joint region. Signs of leakage through the joint.
) ) 5/1.8) shear key Minor longitudinal cracking over adjacent girder in
stage 1 deck.
B/w girders (4.13'/8.17'= 49 d,, lap splice w/ S : A ’ Adjacent to Field Monitored
B-64-122 123 10.0 No significant cracking or defects in joint region.
5/3.0) shear key H E ! E B-64-123
B/w girders (3.75'/7.5' = . Hairline transverse cracking with efflorescense
B-67-324 11.3 9.5 50 d, lap splice
S/3) b 12P SP throughout deck. Leakage through LCJ
B/w girders (3.75'/7.5' = . Hairline transverse cracking with efflorescense
B-67-325 11.3 GI5} 50 d, lap splice
S/3) bIEDS throughout deck. Leakage through LCJ
Midspan b/w girders 51 d, lap splice w/ L . o .
B-13-160 8.8 8.5 No significant cracking or defects in joint region.
(4.42'/4.82' = 5/2) shear key 8 8 ) 8
Precast deck panels, post
Midspan b/w girders 51 d, lap splice w/ o . L . tensioned both directions,
B-13-161 8.8 8.5 N ficant ki defect: t b
(4.42'/4.42' = 5/2) shear key © significant cracking or defects In JoInt Teglon- o totype bridge in (Oliva,
2007)
Extensive transverse cracking and delaminations
Mlldspanlb/w glrders 37 d, lap splice w/ und.ernea(h in joint reglf)n. Spallgd concrete
B-13-593 4.5 7.0 (2.23'/2.23' = 5/2), bridge exposing corroded rebars in lap splice and across
h shear key . . .
centerline joint. Minor transverse cracking in top surface that
had been sealed.
Signs of leakage through joint with moderate rust
. . staining. Spalled concrete exposing corroded rebar
Midspan b, rders Bar couplers
B-56-022 5.1 7.0 (IZ 52,/2 ;:-gls/z; she:‘: ‘e uf at longitudinal construction joint (stage 2 side).
) ) v Some delamination of underside of deck in stage 2
joint region.
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Appendix C — Section 503.09 of Illinois Department of Transportation Standard

Specifications for Road and Bridge Construction, April 2016



Art. 503.08 Concrete Structures

503.08 Depositing Concrete Underwater. Concrete shall not be exposed to
the action of water before setting, or deposited in water, except with the approval of
the Engineer and under his/her immediate supervision.

When concrete is deposited underwater, it shall be carefully placed in its final
position by means of a tremie and shall not be disturbed after being deposited. Still
water shall be maintained at the point of deposit and all form work designed to retain
concrete underwater shall be watertight. The consistency of the concrete shall be
carefully regulated and segregation of the materials shall be prevented. The method
of depositing concrete shall produce approximately horizontal surfaces.

The tremie shall consist of a tube having a diameter of not less than 10 in.
(250 mm) and constructed in sections having flanged couplings fitted with gaskets.
The means of supporting the tremie shall permit the free movement of the discharge
end over the entire top surface of the work and shall permit it to be rapidly lowered
when necessary to choke off or retard the flow. The discharge end shall be entirely
sealed at all times and the tremie tube kept full to the bottom of the hopper. When a
batch is dumped into the hopper, the tremie shall be raised slightly to induce the flow
of concrete but the lower end shall be kept below the top of the deposited concrete
until the batch is discharged. The flow shall then be stopped by lowering the tremie.

At the Contractor's option, pumping equipment may be used in lieu of a tremie to
deposit concrete underwater. The Engineer will approve the concrete pumping
equipment and its piping before the work is started.

503.09 Construction Joints. Construction joints shall be made only at
locations shown on the plans or approved by the Engineer, except in cases of
breakdowns or other unforeseen and unavoidable delays.

All construction joints shall be bonded unless noted otherwise. When not shown
on the plans, their location shall be confined, as far as possible, to regions of low
shearing stress and to locations that will be hidden from view. When possible, the
location of construction joints shall be planned in advance and the concrete placed
continuously from joint to joint. The reinforcing steel shall extend through such joints.
If a construction joint is necessary in the sloped portion of a wingwall or similar
location where a featheredge would result, the joint shall be constructed so as to
produce an edge thickness of not less than 6 in. (150 mm) in the succeeding layer.
No construction joint shall be placed within 18 in. (450 mm) of the top of any wall or
pier unless the details of the work provide for a coping having a thickness of less than
18 in. (450 mm), in which case, at the option of the Engineer, a construction joint may
be made at the underside of the coping.

The face edges of all joints which are exposed to view shall be carefully finished
true to line and elevation. Shear keys, formed into or out from the surface of the
previously placed concrete or steel dowels, shall be used where required. Shear
keys formed into the concrete shall be formed by the insertion and subsequent
removal of beveled wood strips which shall be thoroughly saturated with water prior to
insertion. Steel dowels may, at the discretion of the Engineer, be used in lieu of keys.
The size and spacing of the keys and dowels will be as determined by the Engineer.
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Concrete Structures Art. 503.10

Between adjacent sections of retaining walls and abutment walls, a V-shaped
groove shall be formed in the exposed face of the walls by the use of 1/2 in. (13 mm)
triangular molding on each side of the joint.

Care shall be exercised not to injure the concrete or break the concrete-steel
bond at any time. In constructing bridge decks and approach slabs where
longitudinal joints are specified, a platform shall be constructed outside the
longitudinal joints and supported on the lower form, and personnel will not be
permitted to stand or walk on the projecting reinforcement bars until the concrete has
hardened.

The Contractor, subject to approval of the Engineer, may pour a bridge deck full
width with horizontal bonded construction joints between the deck and curbs,
parapets, or sidewalks.

(@) Unbonded Construction Joints. Unbonded construction joints shall be made
by forming or striking off the initial concrete placed to a true and even
surface and allowing it to set. Loose material shall be removed. The new
concrete shall be thoroughly consolidated against the existing concrete.

(b) Bonded Construction Joints. For bonding to hardened concrete, the existing
cement paste shall be removed to create a prepared surface. The surface
shall be prepared by washing with water under pressure or by sandblasting
to expose clean, well bonded aggregate.

To facilitate the removal of the cement paste, the form in contact with the
first pour or the exposed surface of the first pour, may be thoroughly covered
with a surface retarder. When the surface retarder is applied directly to the
fresh concrete surface, its application shall be completed within 30 minutes
after concrete placement.

The surface retarder shall be a ready-to-use liquid compound that delays the
set of a concrete surface, and shall be approved by the Engineer in advance
of beginning the work. It shall produce results satisfactory to the Engineer
and will be evaluated on the tests performed by the Engineer, and on the
manufacturer's data recommendations.

The prepared surface of the existing concrete shall be wetted a minimum of
one hour before application of the new concrete. The surface shall be
maintained in a dampened condition during that period. Immediately before
placing the new concrete, any excess water shall be removed.

503.10 Expansion Joints. Expansion joints shall be constructed to permit
freedom of movement. After all other work is completed, all thin shells of mortar and
projections of the concrete into and around the joint space that are likely to spall
under movement or prevent the proper operation of the joint shall be carefully
removed. Expansion joint devices shall be furnished and installed according to
Section 520.

(@) Open Joints. Reinforcement shall not extend across or into an open joint.
Open joints in railings or under projecting portions of rail posts shall be
formed with square corners unless beveled corners are specified. When not
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